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ABSTRACT 
 
Many storage racks fail during earthquakes. Investigations of previous earthquake incidents 
reported that failures in storage racks were either because of inadequate structural design or 
because racks were struck by heavy pallet loads falling from the racks as pallets moved and 
dislodged during the earthquake. This has highlighted the need for robust earthquake design 
guidelines for steel storage racks. Up to this point of time, research on the seismic behaviour of 
steel storage racks has concentrated on selective racking systems. Only recently, has the down-
aisle seismic behaviour of drive-in racks been covered as part of the overall research project that 
this thesis forms part of. However, no experimental, analytical or numerical studies are currently 
available on the cross-aisle seismic behaviour of drive-in racks. This has left designer engineers 
with no guidelines to consult for designing drive-in racks in the cross-aisle direction when 
subjected to earthquakes. Therefore, this research addresses an urgent problem.  
The main objective of this thesis project was to study the seismic behaviour of drive-in racks, and 
particularly to derive the ductility factor for the rack in the cross-aisle direction. To accomplish 
this objective, the scope of work was split to multiple tasks. Firstly, the project started by the 
design and construction of a shake table (test rig) for conducting earthquake experiments on full 
scale subassemblies of drive-in racks. The test set-up included different types of instrumentations 
for measuring strains, lateral displacements, accelerations and acceleration-induced inertia forces, 
base shear, and base plate uplift. Upon completing the construction of the shake table, several 
non-destructive earthquake tests were carried out to examine the adequacy of the test rig built in 
terms of strength, and to determine the friction losses. 
Several earthquake tests using different earthquake records were used to examine the capability 
of the hydraulic actuator connected to the test rig. The main objective here was to ensure that the 
test rig could be used to generate earthquake waveforms that are accurate and as close as possible 
to the same signals measured in the field. Extensive calibration tests were carried out on the test 
rig and the hydraulic actuator by which the test rig achieved the desired accuracy in replicating 
actual earthquake waveforms. Since the seismic response of structures in general and storage rack 
in particular depends primarily on the characteristics of the ground motion, a comprehensive 
study was completed for determining and choosing the appropriate earthquake signals to be used 
in the research. This study included the selection of the appropriate waveforms to be used using 
real earthquake records measured at different locations around the world. Secondly, the study 
included the scaling of the earthquake signals chosen to match with the code design spectrum.  
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State-of-the-art 3D finite element numerical models were created for studying the nonlinear 
behaviour of drive-in racks under seismic loads. The models took into account the characteristics 
of key joints such as the portal beam to upright connection, and upright to floor connection. The 
connection properties used were based on experimental test results of a full scale drive-in rack. In 
addition, the models were constructed such that they were able to detect the pallet sliding on the 
pallet runners during seismic excitations, in addition to detecting and modelling base plate uplift. 
The models were used to carry out parametric studies on drive-in racks using numerous 
earthquake records, and several structural systems. 
Non-destructive earthquake tests were conducted for determining the dynamic properties of 
drive-in racks. These included the natural frequency, fundamental period, and damping. 
Destructive earthquake tests were carried out on drive-in rack systems in order to examine their 
behaviour in the cross-aisle direction. The test results provided an understanding of the 3D 
behaviour of the cross-aisle frames, defects in the systems used, and areas of improvements. 
Also, from the destructive tests the ductility of drive-in racks in the cross-aisle direction was 
determined. Based on the shake table test results and the nonlinear time history dynamic 
analyses, a “static” type design approach using the equivalent static force concept has been 
developed to design drive-in racks in the cross-aisle direction. 
The significance of this thesis is that it produces research-based guidelines that will allow the 
more resilient design of drive-in racks in seismic regions. The knowledge gained from this study 
will benefit the racking industry and broader community in that, (a) it will increase the safety of 
workers in industries and warehouses featuring drive-in racks, reduce owners’ potential liability, 
and (b) will save industries the costs associated with earthquake-induced structural damage, 
notably the value of stored goods, cost of replacing damaged structural frames and cost of 
disruption to normal operations. Furthermore, putting the knowledge gained from this project into 
practice will provide solutions to the difficult problem of predicting the inelastic transient 
dynamic response of drive-in racks, accounting for (i) torsion caused by non-symmetrical 
loading, or non-symmetrical stiffness in the cross-aisle direction, (ii) the movement of pallets on 
rail beams, (iii) the nonlinear damping due to friction between pallets and rail beams, (iv) the 
step-type response of base plates subject to uplift, and (v) looseness of the connection between 
bracing members and uprights. 
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CHAPTER 1 
 
INTRODUCTION 
 
1.1 Background 
Worldwide, steel storage racks are extensively used in industry for storing goods on pallets. 
Racking systems are not “buildings” but a particular application of steel construction. They differ 
from buildings in terms of their use, the loads that are supported, the geometrical dimension, and 
the components used in their construction. Small and large industries use steel racks as temporary 
storage facilities as part of their production lines, and warehouses rely on racks for convenient 
and economical storage solutions. Storage racks are freestanding structures in their own right, 
which are designed to carry pallet loads, resist placement and impact forces from forklift trucks, 
and resist seismic-induced lateral loads. Storage racks carry very high live loads (that are many 
times larger than the dead loads), and are frequently fully loaded, which is in contrast to the 
loading history of usual civil engineering structures. At the same time, they are designed as 
lightly as possible and hence storage racks are commonly made from cold-formed steel profiles. 
 
1.2 Types of storage racks  
There are many different types of storage racks used in the industry. These types include: 
 
 Selective racks (Figure 1.1) 
 
Selective racks, also known as “standard pallet racking” are one of the most common 
types of storage racks used in the industry. Selective racks are only one or two pallets 
deep in which each racking structure, or pair of structures, are separated from one another 
by aisles, allowing each pallet to always be accessible. This is of great interest especially 
when storing different types of goods in which the selection and access to a particular 
pallet is important.  
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Figure 1.1: Selective racks (or sometimes called “standard pallet racking”) 
 
 Drive-in racks (Figure 1.2) 
 
Drive-in racks (DIR) are the second common type of storage racks used in the market. 
Drive-in racks are storage rack configurations that allow the forklift to drive into lanes of 
stacked rows. Drive-in racks require less floor space by storing pallets on rail beams 
(sometimes called pallet runners), one after the other, with no space between them. 
Therefore, for applications where stored goods are of the same type, or when the price of 
land is very expensive drive-in rack solutions become more attractive. Drive-in racks can 
typically be 3 to 7 pallets deep. To allow forklift passage, drive-in racks can only be 
braced at the back (spine bracing) and at the top (plan bracing) in the down-aisle 
direction. 
 
 
Figure 1.2: Drive-in racks 
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 Drive-through racks (Figure 1.3) 
 
Drive-through racks (DTR) are storage rack configurations which are very similar to 
drive-in rack systems except that they allow forklift trucks to drive into the lane of 
stacked rows from both ends. However, due to the nature of allowing access from both 
ends, drive-through racks do not have any vertical bracings at the entry/exit ends and 
only braced at the top. 
 
 
Figure 1.3: Drive-through racks 
 
 
 Cladding racks (Figure 1.4) 
 
A cladding rack structure forms itself 
part of the construction of the building 
together with side and roof cladding. The 
racking structure supports not only the 
actual goods and the different building 
elements but also the thrust of the 
handling devices and external elements, 
winds, snow, seismic movements, etc. 
 
 
 
Figure 1.4: Cladding racks 
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 Flow-through racks (Figure 1.5) 
 
Flow-through racks are shelving systems which operate under FIFO rotation, meaning 
the first item put onto the shelves should be the first one coming off.  The system 
operates with skate wheels and natural gravity.  Items are loaded in one end and slowly 
slide down to the other end to be unloaded.  
 
 
Figure 1.5: Flow-thru racks 
 
 
 Push-back racks (Figure 1.6) 
 
Push-back shelving is a LIFO system (Last In First Out).  It operates in the opposite to 
the Flow-Through shelving. As a new pallet is loaded, the previous pallets are “pushed 
back”, hence the name.  
 
 
 
 
 
 
Figure 1.6: Push back racks  
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 Cantilever rack (Figure 1.7) 
 
Cantilever racks are considerably different from other shelving systems.  A cantilever 
shelf is typically front-loaded. An industrial cantilever rack is more convenient for 
storing smaller loads or loose items. Cantilever racks may include diagonal bracings as 
shown in Figure 1.7 depending on the design needs. 
 
 
1.3 Need for this research.  
Storage racks consist of two main directions. The longitudinal direction is called the down-aisle 
direction, whereas the transverse direction is called the cross-aisle direction. Proprietary moment 
connections are typically used as the structural system in the down-aisle direction and braced 
frames are typically used as the structural system in the cross-aisle direction. Many storage racks 
have failed during earthquakes, most of which were reported [1] as failures in the cross-aisle 
direction due to the increased stiffness of the cross-aisle frames which attract more load during 
earthquakes when compared to the down-aisle direction. Investigations on previous earthquake 
incidents reported that failures in storage racks were either because of inadequate structural 
design or because racks were struck by heavy pallet loads falling from the racks as pallets moved 
and dislodged during the earthquakes (Figure 1.8) [1]. Recent earthquakes in New Zealand also 
witnessed many storage racks collapsing. This has highlighted the need for robust earthquake 
design guidelines for steel storage racks. Up to the initiation of this project, research on the 
seismic behaviour of steel storage racks has concentrated on selective racking systems only. No 
experimental, analytical or numerical studies are currently available on the cross-aisle seismic 
behaviour of drive-in racks. This has left designers with no guidelines to consult for designing 
storage racks subject to earthquakes in the cross-aisle direction. Therefore, this research 
addresses an urgent problem.   
Figure 1.7: Cantilever racks 
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Figure 1.8: (a) Collapse of a rack structure during Northridge earthquake (1994) – (b) fall of 
goods during Northridge earthquake (1994) [1]. 
 
1.4 Research objectives  
This research project aims to study the seismic behaviour of drive-in steel storage racks in the 
cross-aisle direction. This aim will be achieved by conducting full-scale drive-in rack assembly 
tests in conjunction with nonlinear dynamic analysis, and developing practical seismic design 
methodologies which can be implemented in design standards. 
The specific aims of the project are to: 
 Conduct seismic tests on full-scale drive-in rack subassemblies to measure their global 
response to ground motions in the cross-aisle directions. 
 Develop accurate finite element models which can be used for parametric studies. 
 Establish practical methodologies for the seismic design of drive-in racks, considering 
the equivalent static force method, response spectrum design method, and design by 
analysis using the nonlinear dynamic analysis method. 
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1.5 Significance of the research  
The significance of this project is that it will: 
 produce research-based guidelines that will allow the safe design of drive-in racks in 
seismic regions; 
 increase the safety of workers in industries and warehouses featuring drive-in racks, 
reduce owners’ potential liability, and save industries the costs associated with 
earthquake-induced structural damage, notably the value of stored goods, cost of 
replacing damaged structural frames and cost of disruption to normal operations; and 
 provide solutions to the difficult problem of predicting the inelastic transient dynamic 
response of drive-in racks, accounting for (i) torsion caused by non-symmetrical loading, 
or non-symmetrical stiffness in the cross-aisle direction, (ii) the movement of pallets on 
rail beams, (iii) the nonlinear damping due to friction between pallets and rail beams, and 
(iv) the step-type response of base plates subject to uplift. 
 
1.6 Research methodology  
To achieve the research objectives the following methodology was set out: 
(a) The project started with the design and construction of a shake table (test rig) for 
conducting earthquake experiments on full scale subassemblies of drive-in racks. The 
test set-up included different types of instrumentations for measuring strains, lateral 
displacements, accelerations and acceleration-induced inertia forces, base shear, and 
base plate uplift. 
 
(b) Upon completing the construction of the shake table, several non-destructive 
earthquake tests were carried out to examine the adequacy of the test rig built in terms 
of strength, and to determine the friction losses. 
 
(c) Several earthquake tests using different earthquake records were used to examine the 
accuracy of the hydraulic actuator connected to the test rig. The main objective here 
was to ensure that the test rig could be used to generate earthquake waveforms that are 
close to the same signals measured in the field. Extensive calibration tests were 
carried out on the test rig and the hydraulic actuator to demonstrate the test rig 
achieved the desired accuracy in replicating actual earthquake waveforms. 
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(d)  Since the seismic response of structures in general and storage rack in particular 
depends primarily on the characteristics of the ground motions, a comprehensive study 
was completed for determining the appropriate earthquake signals to be used in the 
research. This study included the selection of waveforms from real earthquake records 
measured at different locations around the world. Secondly, the study included scaling 
the earthquake signals chosen to match with the code design spectrum.  
 
(e) State-of-the-art 3D finite element numerical models were created for studying the 
nonlinear behaviour of drive-in racks under seismic loads. The models took into 
account the characteristics of key connections, including the portal beam to upright 
connection, and upright to floor connection. The connection properties used were 
based on experimental test results of a full scale drive-in rack. In addition, the models 
were constructed such that they were able to detect the pallet sliding on the pallet 
runners during seismic excitations, in addition to detecting the base plate uplift. The 
models were used to carry out parametric studies on drive-in racks using several 
earthquake records, and several structural systems. 
 
(f) Non-destructive earthquake tests were conducted for determining the dynamic 
properties of the tested racks. These included the natural frequency, fundamental 
period, and damping. 
 
(g) Destructive earthquake tests were carried out on drive-in rack systems in order to 
examine their behaviour in the cross-aisle direction. The test results provided an 
understanding of the 3D behaviour of the cross-aisle frames, defects in the systems 
used, and areas of improvements. Also, from the destructive tests the ductility of 
drive-in racks in the cross-aisle direction was determined. 
 
(h) Based on the shake table test results and the nonlinear time history dynamic analyses, 
a “static” type design approach using the equivalent static force concept has been 
developed to design drive-in racks in the cross-aisle direction. 
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1.7 Thesis outlines 
The thesis presented herein consists of the following eleven chapters: 
 Chapter 1: Introduction 
 Chapter 2: Literature review 
 Chapter 3: Tests on rack material and components 
 Chapter 4: Test rig commissioning 
 Chapter 5: Tuning hydraulic jacks for earthquake simulations 
 Chapter 6: Selection and scaling of earthquake records for seismic simulations and time 
history analyses. 
 Chapter 7: Finite element analysis study of drive-in rack systems. 
 Chapter 8: Earthquake tests on drive-in racks 
 Chapter 9: Strength (force) reduction factor (R) for drive-in racks in the cross-aisle 
direction. 
 Chapter 10: Seismic design of drive-in racks 
 Chapter 11: Conclusions. 
 
1.8 Publications:  
The following papers were published during the course of this research project 
 Shaheen, M.S.A. and K.J.R. Rasmussen, Design Methods of Drive-in Steel Storage Racks, 
in EuroSteel. 2017: Copenhagen, Denmark. 
 Shaheen, M.S.A. and K.J.R. Rassmussen. Test Rig for Seismic Experiments of Drive-in 
Racks. in EuroSteel. 2017. Copenhagen, Denmark: Ernst & Sohn. 
 Shaheen, M.S.A. and K.J.R. Rassmussen. Cross-Aisle Seismic Behaviour of Drive-in 
Rack Systems. in EuroSteel. 2017. Copenhagen, Denmark: Ernst & Sohn. 
 Ahmed, T., M.S.A. Shaheen, K.J.R. Rasmussen, and H. Zhang. Development of a seismic 
testing facility to test full scale steel storage racks. in Proceedings of the International 
Colloquium on Stability and Ductility of Steel Structures (SDSS2016). 2016. 
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CHAPTER 2 
 
LITERATURE REVIEW 
 
2.1 Background 
Research on seismic design has focused mainly on the behaviour of selective racks, whereas there 
are no experimental, analytical or numerical studies currently available on the seismic behaviour 
of drive-in racks. Research on steel storage racks has taken place in many parts of the world 
including the US, Europe, New Zealand, and Australia. In the US, shaking table tests on selective 
racks and cyclic tests on components of selective racks have been carried out [2-8]. Based on 
these valuable test results, seismic design guidelines were developed [1] and incorporated in the 
Rack Manufacturers Institute (RMI) design specification [9] for selective racks.  
In Europe, research on the seismic behaviour of selective racks was supported by the European 
Commission [10]. Additional cyclic tests have been carried out on components of selective racks 
[11], and more recently shaking tables tests of rack subassemblies have conducted [12]. Also, 
analytical and design studies have been conducted on selective racks [13, 14]. These studies have 
produced the Federation Europeenne de la Manutention (FEM) design guidelines for the 
seismic design of selective racks [15]. New Zealand seismic design guidelines developed for 
selective rack are also available [16, 17].  
In Australia, recent studies have been conducted on drive-in racks which focused mainly on 
studying the behaviour of rack components [18, 19], stability strength [20], impact on drive-racks 
due to accidental forklift truck impact [21-23], and down-aisle seismic behaviour of drive-in 
racks [24-26] (as part of this research project). 
It may appear that selective racks are structurally similar to drive-in racks. However, the seismic 
design guidelines developed for selective racks cannot be applied to drive-in racks, as will be 
discussed in this research. While a design standard is available for the static design of drive-in 
racks [27], apart from rule-of thumb recommendations [28], which are not based on sound 
research and appear to be over-conservative, no design guidelines are available for the seismic 
design of drive-in racks.  
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2.2 Standards and guidelines for the design of storage racks. 
Steel storage racks are designed worldwide to different design guidelines. In America, selective 
storage racks are designed to the Rack Manufacturers Racking specifications RMI [9], in Europe 
to the European standards EN15512 [29] while in Australia they are designed to the Australian 
standards AS4048 [30] which is inspired in many aspects by the EN15512 [29] specification. 
Whereas, for the drive-in and drive-through storage racks the only available design specifications 
is the European Racking Federation design guidelines FEM10.2.07 [27]. Hence, the main focus 
in this research project will be on the recommendations in FEM10.2.07. However, while studying 
the recommendations in FEM10.2.07 it was found that references were made to other standards 
including EN15512 [29], EN1993.1.1 [31], EN1993.1.3 [32] and many other standards for 
covering different design aspects. Therefore, in this study reference will also be made to the 
clauses in these other design standards when relevant. 
 
2.3 Previous studies on drive-in racks. 
Hitherto, the only official document for the static design of drive-in and drive-through racks is 
the European racking federation design guidelines FEM10.2.07 [27] which presents different 
methods for analysis and design. However, the design guidelines are not very clear in several 
aspects specifically in regards to the definition of the effective length of the uprights.  
A recent study has been carried out by Shaheen [33] which explains the differences, advantages 
and disadvantages of the different design methods featured in the FEM10.2.07 [27] specification. 
Detailed finite element analysis models have been created to study different load cases for a 
drive-in rack configuration which consisted of 4 drive-in lanes, 4 pallets deep, and 3 levels of 
storage as shown in Figure 2.1. Fully loaded and pattern loaded configurations were considered 
in order to examine the different failure modes of the uprights. The 3D FE models created took 
into account global and local second order effects, global frame imperfections, and local member 
imperfections. The nonlinear behaviour of the critical joints including the portal beam to upright 
connection and the base plate assembly to floor connections were considered in the 3D global 
analysis models. The characteristics of the critical joints have been determined using benchmark 
experimental test results of a full scale drive-in rack structure [18-20]. In order to capture the true 
behaviour of the drive-in racks studied advanced global analysis models were created using the 
GMNIA analysis method which takes into account second order effects, geometric imperfection 
and material nonlinearity as described in [30, 34]. The drive-in rack was loaded up to failure and 
hence the ultimate load carrying capacity of the uprights and the whole drive-in rack were 
determined. Using the results of the GMNIA models, and comparing them to the different options 
considered for calculating the effective length, conclusions have been made for the most 
appropriate and accurate method of determining the effective length of the uprights that should be 
used in design. 
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(a) 
       
           
(b) 
Figure 2.1: Drive-in rack studied in [33], (a) FE model isometric view, (b) plan view 
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The behaviour of drive-in racks has also been studied by Freitas et. al  [35] who examined the 
influence of the different components of the rack on the global stability. In this study, a full-scale 
test of a drive-in system was carried out. Finite element models were also developed to evaluate 
the global structural stability and the influence of components on system behaviour. The 
experimental and numerical results show that the connections and base plates have the most 
significant influence on the system’s behaviour. From these analyses, it has been observed that 
the consideration of fully-fixed portal beam and base plate connections leads to non-conservative 
results. It was also concluded that assuming a fully pinned boundary condition for the base plate 
connection led to entirely unsuitable values, and hence it was recommended that this assumption 
should always be avoided. Finally, it was observed that when considering the portal beam joints 
to be semi-rigid with semi-rigid or fully-fixed base plate connections, the numerical results were 
in good agreement with the experiments. The same observations and recommendations can be 
found in Baldassino and Bernuzzi [13] regarding the modelling of the beam-to-upright 
connection. Consequently, an equation that predicts the base plate resistance has been proposed 
which can be employed in the design [35]. However, the size of the rack studied in this research 
was limited to two bays rack and one pallet in depth as shown in Figure 2.2. The study did not 
consider a reasonable size of drive-in racks that features the pronounced 3D torsional 
deformation due to the asymmetry in the down-aisle direction. In addition, the study was limited 
to the stability strength of drive-in racks subject to vertical loads. 
Gilbert and Rasmussen [20] have experimentally investigated of the 3D load transfer and relative 
stiffness under various horizontal loading conditions. Experiments have been performed on 
loaded and unloaded racks. The tested rack was four pallets deep, four bays wide, and four stories 
high (i.e., featuring three rail beam levels), corresponding to overall dimensions: 4.8 m deep, 5.9 
m wide and 5 m high. The size and arrangement of the racks studied are considered to be more 
representative than the limited size ones studied in [35]. The tested rack is shown in Figure 2.3. 
The observed 3D behaviour of the rack was explained by plotting the down- and cross-aisle 
displacements of the top plan of the rack. Differences in behaviour were observed for the loaded 
and unloaded racks, caused mainly by the increased stiffness provided by the pallets and the base 
plates when the rack was loaded. It was also shown that the pallets provide substantial stiffness to 
the rack. Also, a finite-element model was created for the rack, which was calibrated with the test 
results, and was found to accurately reproduce the observed 3D behaviour of the rack. 
Other studies have been conducted (which are of a dynamic nature) on full-scale drive-in racks. 
Drive-in racks subject to forklift truck-induced impact forces have been studied by Gilbert and 
Rasmussen [21-23]. Static and dynamic impact tests on drive-in rack subassemblies as shown in 
Figure 2.4 provided detailed knowledge about the stiffness and 3D load transfer of drive-in rack 
systems. As a result, a design equation for calculating impact forces developed between forklift 
truck and drive-in racks has been proposed. Subsequently, a structural reliability analysis was 
carried out to derive a load and resistance factor design (LRFD) format for the design of drive-in 
racks subject to accidental forklift truck impact. 
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Figure 2.2: Drive-in rack studied in [35], (a) down-aisle direction, (b) cross-aisle direction 
 
 
 
       
Figure 2.3: Full-scale drive-in rack studied in [20] 
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Vin and Rasmussen [36] carried out a dynamic study on drive-in racks under horizontal (quasi-
static) impact loads showing good agreement between the analytical models used and test results. 
The effect of the damping ratio, masses carried by the rack as well as the friction between the 
pallet and the rail track were investigated for impulse loading. Also, it was found that the 
behaviour of the drive-in racks studied can be greatly enhanced by increasing the friction 
between the pallets and the rail beam interface such that the pallets can be considered to be an 
integral part of the system when subjected to impact load. 
 
      
                    (a)                                                                               (b) 
Figure 2.4: Drive-in rack studied in [23], (a) typical impact test, (b) schematic view showing 
forklift truck impact in the down-aisle direction 
 
Godley [37] studied different methods of design and analysis for drive-in and drive-through 
racks. In this research alternative methods of analyzing both types of racks, avoiding the use of a 
large general purpose analysis program, were proposed. For drive-through racks, a simple single 
column model (as shown in Figure 2.5) was shown to be adequate for regular configurations. 
Whereas, for drive-in racks, a two dimensional unfolded model was proposed in addition to the 
single column model. However, in these models the effect of the rail beams in restraining the 
uprights in the down-aisle direction was not considered. Also, the study did not consider all 
possible load scenarios. 
Gilbert et al.  [38, 39] studied the influence of horizontal bracing restraints provided by the 
pallets on the behaviour of steel drive-in racks. The study conducted in [38] proposed an 
improvement to the single upright 2D model for drive-in racks proposed by Godley [37] by 
considering the restraints provided by the rail beams to the uprights in the down-aisle direction. 
This was achieved by adding a horizontal translational stiffness at each rail beam elevation. The 
pallets were shown to significantly influence the bending moment distribution in the uprights. 
Comparison with advanced 3D Finite Element Analyses showed that the improved model was 
able to accurately reproduce the bending moment distribution in the upright in the down-aisle 
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direction under gravity, and out-of plumb loads. As a result, the simple 2D model could be used 
to avoid large computational time associated with 3D models. The results in [39] showed that 
ignoring the pallet bracing effect in design usually leads to a less conservative design with an 
action to capacity ratio for the critical upright being reduced in the order of 4%. Also, results 
showed that under normal operating conditions, the friction coefficient between the pallets and 
the rail beam is sufficient to prevent sliding of the pallets, which is consistent with the 
observations made by Godley [37]. Hence, Gilbert et al. [39] proposed that pallets could be 
considered in the design of drive-in racks, which is not currently allowed in the available design 
guidelines [27]. It must be noted that the observations made by Godley [37] and Gilbert et al. [39] 
are based on the research conducted on drive-in racks under static vertical and horizontal loads. 
However, it is unclear if the friction between the loaded pallets (i.e. vertical static load) and the 
rail beam will manifest itself during an earthquake event to the same extent. During an 
earthquake event and due to the inertia forces acting on the loaded pallet, it is expected that 
pallets will slide on the supporting rail beams. Therefore, further investigation is required to 
understand the dynamic friction characteristics between the pallets and the rail beams. 
 
          
                              (a)                                                                        (b) 
Figure 2.5: Simplified analysis models for drive-in and drive-through racks as per Godley [37], 
(a) single upright 2D model for drive-through racks , (b) unfolded 2D model for drive-in racks. 
 
Casafont et al. [40] attempted to predict the load carrying capacity of perforated rack columns by 
the direct strength method (DSM). The investigation is focused on two different issues: the 
prediction of the elastic buckling loads of members with multiple perforations; and the evaluation 
of the accuracy of the current DSM buckling curves when applied to rack columns. The study 
demonstrated that the DSM curves can be used to accurately determine the strength of rack cross 
sections whose failure is governed by distortional buckling or global buckling (with no 
significant participation of local buckling).   
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2.4 Previous studies for determining the cross-aisle frame shear stiffness. 
The transverse shear stiffness of the upright frame is required to accurately determine the cross-
aisle displacement of the rack as well as the cross-aisle elastic buckling load of the upright frame.  
 
For calculating the shear stiffness of the cross-aisle frames, EN15512 [29] adopts an approach 
which determines the shear stiffness of the cross-aisle frames per unit length of an upright frame. 
The approach adopted experimentally tests the longitudinal shear stiffness of the upright frame, 
and then  evaluates the transverse shear stiffness using Timoshenko and Gere’s shear formula 
[41]. 
 
Rao et al.  [42] and Sajja et al. [43, 44] investigated experimentally and numerically the shear 
stiffness of rack upright frames. In total, 80 tests were performed according to the FEM [45] test 
set-up using different numbers of panels, aspect ratios of the panels, upright sizes, restraints and 
bracing configurations. Rao et al. [42] showed that the Timoshenko and Gere [41] theory 
overestimates the shear stiffness by a factor up to 20. Finite Element models were not able to 
accurately reproduce the experimental test results and produced stiffness values 2 to 5 times 
greater than the test results. Sajja et al. [43] attributed the difference between the FE results and 
experimental test results to the torsional distortion of the upright, caused by the eccentricity 
between the uprights and the bracing members at the joints, which was not considered in the FE 
analysis. 
Godley and Beale [46] experimentally investigated the influence of the looseness of bracing 
member connectors on the upright frame shear stiffness and on the ultimate load carrying 
capacity of pallet rack frames. The tests were in accordance with the FEM  [41] testing 
procedures. The results showed that the upright frame shear stiffness is low when sliding occurs 
between the uprights and the bracing members at the bolts, and that the frame stiffens 
considerately when the bolts are in bearing at the connection between the uprights and bracings. 
When determining the upright frame elastic buckling load, a significant difference is found when 
using the stiffness associated with the looseness of the bolts rather than the shear stiffness of the 
frame associated with the bolts in bearing. Godley and Beale [46]  recommended that the effect 
of looseness should be included as a cross-aisle initial out-of-plumb. 
In this research the looseness of the bracings member connectors on the upright frames was taken 
into consideration by modelling it directly in the global analysis model.  This is considered to be 
the most accurate approach when compared to the other approximations considered in the 
previous studies as discussed above. 
 
2.5 Previous studies on storage rack components 
In the absence of any bracing, the down-aisle overall stability of the drive-in storage racks is 
exclusively ensured by the semi-rigid behaviour of the portal beam to upright connections and the 
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base plate to the floor connections. There are different types of connections that can be used 
between the upright and the portal beam such as tabbed connections. This type of connection is 
fitted with tabs which are inserted into perforations in the upright web as shown in Figure 2.6(a). 
In many cases these connections are secured in position by locking pins as shown. Another type 
is a bolted moment connection as shown in Figure 2.6(b). The behaviour of each type of 
connector whether tabbed or bolted is very different from one another. Adding to that, for each 
particular type the behaviour differs from one manufacture to another. As a consequence, due to 
the great number of types of beam-end connectors, as well as the different geometry of the 
connected members, theoretical approaches to evaluate the performance of such joints are not 
currently available. As a result, all design standards and guidelines recently developed such as 
RMI [9], FEM 10.2.07 [27], AS4084 [30], and EN15512[29] require specific tests to assess the 
main parameters characterizing the response of key rack components including beam to column 
joints and base plate connections. The purpose of the tests is to determine the stiffness and 
strength of the connectors which can be implemented in the analysis model to represent the true 
behaviour of the connector. Hence, the analysis derives accurate distribution of the design actions 
that are used to verify the adequacy of the member sizes used for the racks. 
 
                 
(a)                                                              (b) 
Figure 2.6: Storage rack upright connections: (a) tabbed connection, (b) bolted connection 
 
2.5.1 Pallet beam to upright connection 
Two beam end connector test set-up alternatives are provided in AS4084 [30]. The first test is 
referred to as the “Cantilever test”. The test set-up features a short length of the upright connected 
to a stiff testing frame at two points with a clear distance “h” as shown in Figure 2.7(a). A short 
length of a beam is connected to the upright by means of the connector to be tested. Side sway 
movement and twisting shall be prevented by a lateral restraint guide, which allows the beam to 
Locking pin 
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move freely in the direction of the load applied.  A force is applied near the extremity of the 
portal beam (ideally at the shear centre of the beam) and measurements are taken of the 
displacement at the point of application of the load and/or rotations near the beam end connector. 
This test set-up allows the loads to be applied cyclically in order to measure the opening stiffness, 
closing stiffness, and looseness of the connector. The second test set-up in AS4084 [30]  is 
referred to as the “Portal test frame”, where two lengths of uprights are connected by a beam to 
form a portal frame. The uprights are supported on half-round bars, one under the base of each 
upright, which shall be located on the centroid axes of the uprights. The bases of the upright shall 
be held against lateral displacement but not against rotations. A vertical load is applied equivalent 
to pallet service loads, and then an incremental horizontal load is applied at the level of the top of 
the beam. Then for each upright frame deflection due to horizontal action is measured at the level 
of the top of the beam. The portal frame test set-up is shown in Figure 2.7(b). 
 
  
  
(b) Portal frame test 
Figure 2.7: Portal beam – upright end connector test as per AS4084 [30] 
(a) Cantilever test 
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In comparison with the different standards, EN15512 [29] only includes provisions for the 
cantilever test to be performed for determining strength and stiffness of the upright-to-beam 
connector. Whereas, FEM10.2.07 [27] only contains provisions for the portal frame test. The test 
procedures in all standards for a particular test are very similar and only minor differences occur 
in the test set-up dimensions and location of transducers. 
Krawinkler et al. [3] conducted experimental tests on standard pallet racking systems (selective 
racks) such that pallet beam to upright connection characteristics were determined from 
cantilever and portal frame tests. It was recommended that, for industrial testing, the simple 
cantilever test which requires only load-displacement measurements may give sufficiently 
accurate results for the strength and stiffness of individual joints. Whereas, the portal frame test 
should be utilized to obtain the overall lateral resistance and stiffness of the portal frame. 
Nevertheless, the results showed that the portal frame test provides a significantly higher stiffness 
than the cantilever test which proved that the stiffness depends on the shear to moment ratio in 
the connector. Hence, it was recommended that portal tests are more appropriate than cantilever 
tests for an experimental determination of the pallet beam to upright connection characteristics 
under realistic vertical and lateral load applications. 
Harris [47] compared the test results from the two experimental test set-ups described above and 
concluded that connector stiffness values obtained from the portal frame test set-up was about 
twice the results obtained from the cantilever test. Harris attributed this difference to the closing 
and opening effect of the connector such that when the frame is first loaded with the pallet 
service loads, both left and right joints close under the effect of the gravity load. However, when 
a horizontal load is applied it causes one connection to continue closing while the other 
connection starts to open. Typical cyclic load tests show that the stiffness does not follow a linear 
path and the unloading stiffness is significantly greater than the loading stiffness values. This 
results in two different stiffness values for the left and right end connectors. This observation was 
also evident in Krawinkler et al. [3]. 
Sarawit and Pekoz [48] reported that by allowing the average stiffness of one connector closing 
up and of one connector opening to be determined under the sway motion of the frame and pallet 
loading, the portal frame test appears to be more accurate than the cantilever test when evaluating 
side-sway behaviour. Results from the cantilever tests are usually used for the design of beams 
and connectors while results from the portal frame tests are used for sway analysis. These 
recommendations are consistent with Krawinkler et al. [3].  
Abdel Jaber et al. [49, 50] analyzed the sway behaviour of rack structures under cyclic loads. 
Cyclic cantilever tests performed on pallet beam end connectors showed different loading and 
unloading behaviour such that the loading path is highly nonlinear, whereas, the unloading path is 
linear until loading in the opposite direction takes place. The recommendation was that to 
accurately reproduce experimental results, both the loading and unloading multi-linear moment-
rotation curves for the pallet beam end connectors have to be considered in the analysis model.  
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Baldassino and Bernuzzi [13] numerically studied the influence of the beam to column connector 
stiffness on the behaviour of storage racks and recommended to always model the beam to 
column connectors as semi-rigid even if classified as hinged by the design specifications such as 
EN 1993.1.1  [31]. Emphasis was also placed on considering the initial looseness of the beam to 
column connectors in the design. 
Krawinkler et al. [3] as well as Sarawit and Pekoz [48] proposed an alternative test to the 
cantilever test in which the applied moment to shear ratio of the connector is better represented. 
The test set-up is similar to the portal frame test but a uniformly distributed vertical load is 
applied to the pallet beam instead of a horizontal load. In this alternative test the beam end 
connector stiffness is deduced from the mid span deflection. 
Unlike selective racks, in drive-in and drive-through rack structures pallets are stored on rail 
beams which are connected to the upright using brackets as shown in Figure 2.8(a).  In selective 
racks pallets are placed directly on pallet beams that connect to uprights as shown in Figure 
2.8(b). However, pallet beams do exist at the top in drive-in and drive through racks, and at the 
rear side of drive-in racks. Pallet beams in drive-in racks do not carry any vertical loads, and their 
contribution is mainly to provide stiffness to maintain stability against side sway. Due to this, the 
closing up and opening stiffness values of the pallet beams in drive-in racks are expected to be 
similar. Consequently, using either the cantilever test of the portal frame test should reveal the 
same stiffness values. However, by providing a statistically more accurate stiffness by testing two 
connections at the same time, instead of one as in the case of the cantilever test, the portal frame 
test is considered to be more appropriate determining the characteristics of the connection. This is 
consistent with the recommendations of the FEM10.2.2.07 [27] which only permits the use of the 
portal frame test to determine the portal beam to upright end connector characteristics. 
 
         
(a)                                                                 (b) 
Figure 2.8: Pallet beam to upright connection in (a) drive-in rack, (b) selective rack 
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Gilbert and Rasmussen [18] tested bolted moment connections between portal beams and 
uprights in drive-in and drive-through steel storage racks. The moment connection studied 
consisted of 13mm diameter circular holes punched in both the portal beam web and the upright 
web, and two M12 bolts in each upright as shown in Figure 2.9. The test set-up was very similar 
to the procedures described in AS4084 [30] and EN15512 [29]. However, a modification was 
proposed in which the lateral load and horizontal displacements were applied and recorded at the 
top of the portal beam, and in which the connection stiffness was determined at that location. 
Three distinct phases were observed in the connection behaviour as shown in Figure 2.10. The 
first phase occurs during initial loading of the connection and when unloading or reloading. 
During phase 1, the connection is found to have high stiffness and the portal frame deforms 
mainly in a sway mode. Gilbert and Rasmussen explained the connection stiffness during phase 1 
to be as a result of the friction forces developed between the portal beam and the upright due to 
the torque applied to the bolts. Indeed if the applied moment does not exceed the frictional 
moment then the portal beam is effectively restrained from sliding relative to the upright as 
shown in Figure 2.10(a). The second phase is found to occur when the moment applied to the 
connection exceeds the frictional moment resistance of the connection. When that happens the 
portal beam starts to rotate with no increase in the bending moment carried by the connection. 
During phase 2 the connection stiffness is low and the portal frame continues to deform due to 
the connection opening and closing as shown in Figure 2.10(b). During phase 2 the portal beam 
keeps rotating with a very low stiffness until the rotation reaches an angle where the bolts come 
into contact with the upright. When that happens the connection enters the third phase as shown 
in Figure 2.10(c). During phase 3 the connection gains stiffness again. However, when unloading 
the connection, the moment applied to connection has to overcome the frictional moment to 
initiate the rotation of the portal beam in the opposite direction as shown in Figures 2.10(d) and 
2.10(e). This behaviour is consistent with the observations and conclusions reported by Abdel 
Jaber et al. [49, 50] and Harris [47].  
 
 
Figure 2.9: Pallet beam to upright bolted moment connection [18] 
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Figure 2.10: Connection rotation during different phases [18] 
 
2.5.2 Base plate to floor connection 
The base plate to floor connection test arrangement in EN15512 [29], which is referenced in 
FEM10.2.07 [27] as the testing procedures to be complied with, comprises two lengths of upright 
section that are at least 4 times the width of the upright section used. The uprights have to be 
fitted with the base plate and anchored to a concrete block which represents the floor surface. The 
test set-up is shown in Figure 2.11. Jack J1 simulates the axial load in the upright while jack J2 
applies a lateral load on the concrete block to generate the bending moment required at the base 
plate assembly connection. The EN15512 [29]  specifications requires that the concrete block 
must be free to move horizontally but should be restrained from any rotations in plan. This is 
found to be inconsistent with the test arrangements proposed since Jack J1 is connected to the 
base plate with a pinned joint.  
In view of this inconsistency Gilbert and Rasmussen [19] experimentally tested the base plate 
assembly by two methods. Method 1 was in accordance with the recommendation in EN15512 
[29] such that Jack J1 was pin connected to the concrete block and hence the concrete block was 
free to rotate about its vertical axis. In Method 2, the concrete block was connected to jack J1 in 
such a way that the rotation of the concrete block was prevented. The test set-up as per Method 2 
was subsequently implemented in AS4084 [30] for the base plate assembly testing. The test set-
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up for the base plate assembly as per Method 2 in Gilbert and Rasmussen [19] and AS4084 [30] 
is shown in Figure 2.12.  
 
 
 
Figure 2.11: Test arrangement for the floor connection as per EN15512 [29] 
 
Figure 2.12: Test arrangement for the floor connection as per AS4084 [30] (same as Method 2 in 
Gilbert and Rasmussen [19]) 
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Both EN15512 [29] and AS4084 [30] require the base plate assembly stiffness to be determined 
for a range of axial loads. Gilbert [19, 51] tested the base plate assembly according to Method 1 
and Method 2 for a range of axial loads starting with a zero load, 33kN, 100kN, and 200kN 
concluding that Method 2 is the superior method for the following reasons. Firstly, Method 2 
allows both base plates to fail and thus the moment-rotation curve becomes an average for the 
two base plates which is better and more reliable from a statistical perspective. On the contrary, 
in Method 1 only one base plate fails at a time. Secondly, Method 2 allows the test to reach and 
pass the maximum bending moment when jack J2 is driven in displacement control. On the 
contrary, Method 1 unless the pinned connection is designed to resist tension, when the 
maximum load is reached a catastrophic failure can occur. The test results for the base plate 
stiffness as per Method 2 for a range of axial loads is shown in Figure 2.13. For different axial 
loads in the uprights Gilbert and Rasmussen suggested that the stiffness values adopted in the 
finite element models can based on a linear interpolation between the test results for 0kN, 33kN, 
and 100kN as shown in Figure 2.14. 
Petrone et. al., [52] investigated the cross-aisle seismic performance of storage rack base 
connections through a series of quasi-static tests on full scale standard pallet rack subassemblies. 
The tests investigated the base plate thickness and dimensions, and the upright (column) cross 
section. The experiments indicated that inelastic deformation in the base plate provides stable 
hysteretic response with significant ductility and energy dissipation. Ductile tearing was also 
observed in welds connecting the base plate to the upright. However, the tearing did not appear to 
negatively influence the hysteretic response. The tests were complemented by Finite Element 
(FE) simulations of the base connections. However, the base plate assemblies used in this study 
were mainly for selective racks, and were different from the commonly used base plate 
assemblies used in the market, including the base plate assembly used for the research project 
described in this thesis. 
 
 
Figure 2.13: Moment-rotation curves from Method 2 (from Gilbert and Rasmussen [19]) 
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Figure 2.14: Base plate idealized Moment-rotation curves (from Gilbert [51]) 
 
2.6 Previous work on the numerical modelling of drive-in racks 
Drive-in racks are complex structures and their behaviour is influenced by many factors, such as 
upright-to-portal beam semi-rigid behaviour, base plate uplift, semi-rigid behaviour of the base 
plate in the down-aisle and cross-aisle directions, pallet sliding, perforation in the different rack 
components (including uprights and portal beams), looseness of the bracing members connectors, 
etc. All these factors make the accurate modelling of drive-in racks using FE numerical models a 
very challenging task. 
Gilbert [53] studied numerically the behaviour of drive-in racks when subject to forklift truck 
impact. The numerical models were calibrated based on 3D load transfer test results [20] and 
shear stiffness test results [54]. In addition, the portal beam bending stiffness was modelled based 
on cyclic test results [18], and the base plate bending stiffness in the down-aisle direction was 
based on plate bending tests with different levels of axial loads [19]. The rack modelled was 4 
pallets deep (4800mm), 4 bays wide (5900mm) and 3 levels of pallet runners with the overall 
dimensions as shown in Figure 2.15. The rack was loaded in the middle two bays with 2tons 
concrete blocks on the first two levels, whereas the third level was loaded with 1.2tons concrete 
blocks. The FE models constructed in [53] had a few limitations. Firstly, the analysis type in the 
FE models was linear elastic, and therefore the model could not predict the nonlinear behaviour 
of the rack in the post buckling/failure range. Secondly, the connections between the bracing 
members and the uprights were assumed to be fully rigid, which did not correctly represent the 
true behaviour of these joints. As a result of this added constraint, the overall shear stiffness of 
the cross-aisle frames determined from the FE analysis model was approximately 1.6 times 
greater that the shear stiffness determined from the test. To compensate for this, Gilbert reduced 
the cross section area of the diagonal bracings to almost 1/3 of the gross section area. Moreover 
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to accurately obtain the overall 3D stiffness of the rack in the down-aisle direction as compared 
to the test results, Gilbert also reduced the stiffness of the plan diagonal bracings and the diagonal 
spine bracings by a factor of nine. All these approximations limit the accuracy of the model to 
predict the nonlinear response of drive-in racks, especially when studying the behaviour of the 
rack under seismic loads. However, Gilbert’s study was mainly focused on the behaviour of 
drive-in rack due to impact of forklift trucks and developing new design equations to calculate 
the impact force on the uprights. Therefore, for this application using linear elastic analysis 
methods was considered to be adequate. 
 
   
Figure 2.15: Drive-in rack size for the FE analysis study by Gilbert  [53] 
 
Shaheen [33] studied the same configuration of drive-in rack as in Gilbert [53] under the effect of 
gravity and notional lateral loads due to imperfections. The rack studied consisted of 4 pallets 
deep (4800mm), 4 bays wide (5900mm) and 3 levels of pallet runners (Figure2.16). Finite 
element models were used to study drive-in racks for different loading conditions (fully loaded 
and pattern loaded) as shown in Figure 2.17 to examine their influence on the failure mode and 
the rack ultimate capacity. The 3D FE models created took into account global and local second 
order effects, global frame imperfections, and local member imperfections. The nonlinear 
behaviour of the critical joints, including the portal beam to upright connection and the base plate 
assembly to floor connections, were considered in the 3D global analysis models based on the 
tests results from Gilbert [18-20]. In order to capture the true behaviour of the drive-in racks 
studied advanced global analysis models were created using the GMNIA analysis method which 
takes into account second order effects, geometric imperfections and material nonlinearity as 
described in [30, 34] which could not be achieved with the FE models in Gilbert [53]. Using the 
results of the GMNIA FE models, and comparing them to the different scenarios considered for 
calculating the effective length, conclusions were made for the most appropriate and accurate 
method of determining the effective length of the uprights that shall be used in design. 
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Figure 2.16: Drive-in rack size for the FE analysis study by Shaheen [33] 
 
      
Figure 2.17: Loaded cases considered in the FE analysis study by Shaheen [33] 
 
As part of the current project, Ahmed [24, 25, 55] studied experimentally and numerically the 
down-aisle behaviour of drive-in racks under seismic loads. The seismic tests were carried out 
using a shake table which was partly designed, and commissioned by the author as discussed in 
Chapter 4 of this thesis. The numerical models adopted in Ahmed [55] was based on the learnings 
from Gilbert [53] and Shaheen [33]. Additional features were added into the model such as the 
calibration of the uprights profile to take into consideration the perorations in the upright 
members. The rack studied in Ahmed [55] was one bay less in the down-aisle direction as 
compared to the rack studied in the previous studies [33, 53], and one pallet less in the cross-aisle 
direction. The overall dimension of the tested rack in Ahmed [55] is shown in Figure 2.18. 
Different spine bracing configurations were examined in order to determine the optimum bracing 
configuration for the down-aisle direction (Figure 2.19). Based on the analysis results, the 
ductility factor of the rack in the down-aisle direction was determined. However, a few 
limitations existed in Ahmed’s model which can be summarized as follows. Firstly, the FE model 
used for studying the drive-in rack in the down-aisle direction [55] was adopted from the models 
developed by Gilbert [53] which used the same assumptions as discussed above, i.e. assumed 
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rigid connections for the bracing-to-uptight connections, and reduced the cross section area of the 
upright frame diagonal bracings to 1/3. Moreover, the depth of the drive-in rack in the cross-aisle 
direction studied in [53] was 4800mm (Figure 2.15), whereas the depth of the rack studied in [55] 
and in this project was 4425mm. Therefore, the overall size of the rack in [55] was larger than the 
size of the tested rack. Furthermore, cross section properties of the upright frame diagonal 
bracings in [33, 53] were based on 1.5mm thick steel plates, whereas the materials used in 
Ahmed [55] and in the current project were made of 1.9mm thick plates. It can arguably be 
assumed that these discrepancies in FE modelling of the drive- rack in [55]  as compared to the 
actual properties of the tested rack will not compromise the accuracy of the FE results for the 
down-aisle direction when compared to the shake table results. However, it will have significant 
effects on the accuracy of the FE results for the cross-aisle direction when compared to the shake 
table test results. 
 
  
Figure 2.18: Drive-in rack size for the FE analysis study by Ahmed  [55] 
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Figure 2.19: Spine bracings configurations studied in Ahmed  [55] 
 
To overcome the above limitations in the FE modelling of drive-in racks, very complex 
numerical models, which alleviate the inaccuracies discussed in the numerical models developed 
in the previous studies, were created during the course of this project as will be discussed in 
Chapter 7. In addition, the models were found to predict with great accuracy the force-
displacement nonlinear response, initial stiffness, ultimate capacity, and ductility range of drive 
in racks when subjected to seismic loads. 
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CHAPTER 3 
 
TESTS ON RACK MATERIALS AND COMPONENTS 
 
3.1 Introduction 
The main design specifications for storage racks [9, 27, 29, 56] require testing to determine 
characteristics of the individual components. This chapter presents the test results and data used 
for the mechanical properties of the materials and rack components. The data used were based on 
test results from previous research on similar rack components, rack subassemblies, and materials 
as detailed in Gilbert and Rasmussen [18, 19], Gilbert  [51] and Ahmed [55]; which were similar 
to the materials used in this research project. The tests included tensile coupons and stub column 
tests, portal beam to upright connection tests, and base plate to floor connection tests. 
 
3.2 Coupon test results 
The main racking specifications (AS4084 [56], FEM10.2.07 [27] ) require the material properties 
to be obtained by means of tensile coupon tests, where the coupons are cut from the members to 
be used in testing or design. The main results obtained from tensile coupon tests are the material 
yield stress (fy), the ultimate tensile strength (fu) and the elastic (Young’s) modulus (E). 
Gilbert [51] performed tensile coupon tests on steel uprights in accordance with AS1391 [57]. 
The uprights used had a nominal thickness of 1.9mm and a nominal width of 125mm, and were  
rolled from nominally G450 steel to the Australian Standard AS1391 [57]. The uprights used in 
Gilbert [51]  are identical to the uprights used in the current research project. In Gilbert [51], two 
steel sheet coils were used to roll-form the uprights used in the tests.  Three coupons were cut 
from flat lengths of each steel coil. For each coil, two of those coupons were tested to failure 
using a 40 mm gauge extensometer and the remaining coupon was fitted with strain gauges on 
each side of the narrow strip to accurately measure the Young’s modulus by loading and 
unloading the coupon twice in the elastic range. Table 3.1 lists the measured thickness of each 
coil after etching off the galvanising layer. The coupons were tested in a 300kN capacity MTS 
Sintech testing machine with a strain rate of 2.78×10
-4
/s. 
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Table3.1: Measured thickness of the steel coil as per the coupon tests in Gilbert [51] 
Thickness coil no.1 (mm) Thickness coil no.2 (mm) 
1.91 1.87 
 
The stress strain results for the tensile coupon tests from Gilbert are shown in Figure 3.1 and 
Figure 3.2, and also listed in Table 3.2. The yield stress from the coupon test results was obtained 
as the 0.2% proof stress. The dynamic values listed in Table 3.2 were obtained when the test 
reached the yield stress and the tensile strength, whereas the test static values were obtained after 
pausing the test at the yield stress and at the tensile strength for two minutes. The Young’s 
modulus values were obtained as listed in Table 3.3 from coupons which were fitted with strain 
gauges and considering the stress-strain curves shown in Figure 3.2. 
 
 
Figure 3.1: Coupon test results: (a) steel coil no.1, and  (b) steel coil no.2 (from Gilbert [51]) 
 
 
Figure 3.2: Coupon test with strain gauges for determining the Young’s modulus: (a) steel coil 
no.1, and  (b) steel coil no.2 (from Gilbert [51]) 
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Table 3.2: Coupon test results - from Gilbert [51] 
Coil no Coupon 
Dynamic yield 
stress (MPa) 
Static yield 
stress (MPa) 
Dynamic ultimate 
strength (MPa) 
Static ultimate 
strength (MPa) 
1 
1 501.4 444 537.0 501.8 
2 498.8 451.9 536.6 505.1 
Average 500.1 447.9 536.8 503.4 
2 
1 522.4 472.4 556.1 523.7 
2 525.3 468.4 557.5 522.3 
Average 523.9 470.4 556.8 523.0 
 
Table 3.3: Coupon test with strain gauges, Young’s modulus - from Gilbert [51] 
Coil no Coupon Young’s modulus E (MPa) 
1 
1 219397 
2 212769 
Average 216083 
2 
1 223721 
2 217412 
Average 220567 
1 and 2 Average coil no.1 and no.2 218325 
 
 
Ahmed [55] performed similar tensile coupon tests on the same uprights which were rolled from 
different batch of steel coils with a nominal G450 grade. The same upright size was used in these 
tests such that it had a nominal thickness of 1.9mm and a nominal width of 125mm. The test 
results obtained by Ahmed [55] are presented in Table 3.4 and are shown in Figure 3.3 and 
Figure 3.4. The average value of Young’s modulus E determined was 210,000MPa. The average 
static and dynamic yield stresses were found as 483MPa and 500MPa respectively, whereas the 
average static and dynamic strength were found as 515MPa and 536MPa respectively.  
 
Table 3.4: Coupon test results – from Ahmed [55] 
Test 
no. 
Coupon 
thickness 
mm 
E (GPa) 
Dynamic yield 
stress MPa 
Static yield 
stress MPa 
Dynamic ultimate 
strength MPa 
Static ultimate 
strength MPa ESG Eext 
1 1.895 208 213 500 483 535 515 
2 1.91 - 214 498 482 535 513 
3 1.89 212.5 213.5 502 - 538 518 
4 1.91 209.5 204.7 500 - 538 515 
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Figure 3.3: Stress-strain curve (extensometer data) – from Ahmed [55] 
 
 
Figure 3.4: yield stress determination (extensometer data) – from Ahmed [55] 
 
Based on the coupon  test results from the tests performed by Gilbert [51] and Ahmed [55], it can 
be shown both results are very similar. 
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The rack components used in the current research project were made from the same batch of steel 
coils used to roll-form the rack components used in Ahmed’s tests [55]. Hence, the material used 
herein had the same material mechanical properties as those in [55] and listed in Table 3.4, and 
also shown in Figure 3.3 and Figure 3.4. Specifically, the material mechanical properties used in 
this thesis are: 
E= 210,000MPa 
fy = 483MPa (determined at 0.2% proof stress) 
fu= 515 MPa 
 
3.3 Stub column tests 
Steel storage racks are typically a cold-formed open steel section with perforations in order to 
allow the connection with the other racking members. The different racking specifications such 
as [9, 27, 29, 56] require stub column tests to be performed to determine the effects of 
perforations on the upright load carrying capacity. 
Gilbert [51] tested three stub columns for determining the Q factor as given in Eqn. (3.1), which 
is a reduction that is used in cold-formed steel design to account for the effect of local buckling 
and post-buckling of members with perforations [56]. 
 
𝑄 =  
𝑃𝑢
𝑓𝑦 × 𝐴𝑛𝑒𝑡_𝑚𝑖𝑛
 
 
In Eqn. (3.1), Pu is the column ultimate strength obtained from the stub column test, fy is the 
measured yield stress which is determined as discussed in Section 3.2 from coupon tensile tests, 
and Anet_min is the minimum net area defined as the minimum area that passes through the cross-
section of the upright with perforations. The three stub specimens were made of the short 
segments of the upright members which were all cut from the same coil no.1, and tested in a 
2000kN capacity Dartec testing machine (Figure 3.5). Anet_min was accurately determined by 
subtracting the area of the holes from the gross area of the cross-section. The area of the holes 
was determined by measuring the diameter of the holes on the stub specimens and then 
multiplying it by the metal coil thickness, whereas the gross area of the cross section was 
determined by measuring the flat coil width and multiplying it by the measured base metal coil 
thickness. The stub column tests results for the specimens tested by Gilbert are shown in 
Table 3.5. The dynamic values given in Table 3.5 were obtained when pausing the test at the 
ultimate load, and the static values were obtained after pausing the test for two minutes at the 
(3.1) 
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ultimate load. The Q factor was then calculated from Eqn. (3.1) using the average static yield 
stress listed in Table 3.2 and the average static ultimate load in Table 3.5 and was found to be 
equal to 0.994. 
 
Table 3.5: Stub column test results - from Gilbert [51] 
Coil no Specimen 
Measured specimen 
length (mm) 
Dynamic 
ultimate load kN 
Static ultimate 
load kN 
Q 
RF12519 
1 500 309.8 302.5 0.984 
2 497 314.1 306.8 0.998 
3 497 314.0 307.3 0.999 
Average - 312.6 305.5 0.994 
 
 
 
Figure 3.5: Stub column test set-up and failure mode (From Gilbert [51]) 
  
Similarly, Ahmed [55] performed stub column tests for determining the Q factor as shown in 
Figure 3.6. The upright profile used in Ahmed’s tests were similar to the upright profile used in 
the current research project and also similar to the upright profile used in Gilbert [51]. The static 
peak load, dynamic peak load determined in [55] are as listed in Table 3.6. The average Q factor 
was calculated as 0.958.  
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Figure 3.6: Stub column test results from Ahmed [55] 
 
Table 3.6: Stub column test results - from Ahmed [55] 
Specimen 
Dynamic ultimate 
load kN 
Static ultimate 
load kN 
Q 
1 323 312 0.947 
2 328 319.4 0.969 
 
The rack components used in the current research project were made from the same batch of steel 
coils used to roll-form the rack components used in Ahmed’s tests [55]. Hence,  the material used 
herein had the same material properties as those determined in [55] and listed in Table 3.6, and 
also shown in Figure 3.6. The Q factor value adopted in this thesis for the design of drive-in racks 
steel storage racks when subject to seismic loads (as discussed later in Chapter 10) is taken as 
0.96. 
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CHAPTER 4 
 
TEST RIG COMMISSIONING 
 
4.1 Introduction 
This chapter describes the design phase, construction and commissioning of a test rig (shaking 
table) for testing heavily loaded full-scale steel storage racks under seismic excitation. Different 
sets of non-destructive tests were carried out. The first set was for determining the dynamic 
friction coefficient in the test rig. Force versus displacement test results under different loading 
conditions showed that the average friction inherent was not sensitive to the speed of the jack or 
the weight. The second set of tests was for verifying the adequacy of the test rig for carrying out 
the ultimate limit state destructive earthquake tests on the racking systems constructed later on. 
The test rig was found to operate as intended and met the design objectives. Details about the test 
rig layout, constructions, and the non-destructive tests are explained and discussed in this chapter. 
 
4.2 Test rig operational philosophy 
The seismic response of structures can be obtained using different methods. The very commonly 
used method for evaluating the seismic response of structures is the static push-over analysis 
(POA) method which also seems to be the current trend in many codes for seismic design due to 
its computational efficiency. The POA is a technique in which a test frame or a computer model 
of a structure is subjected to a predetermined lateral load pattern, which approximately represents 
the relative inertia forces generated at locations of substantial mass. The intensity of the load is 
increased, i.e. the structure is ‘pushed’, and the sequence of cracks, yielding, plastic hinge 
formations, and the load at which failure of the various structural components occurs is recorded 
as function of the increasing lateral load. This incremental process continues until a 
predetermined displacement limit. In the POA method it is implicitly assumed that the 
deformation of the structure in both the elastic range and plastic range are similar, and both 
follow the first mode shape of vibration, which is not necessarily true. Push-over tests have been 
undertaken in Europe [4, 6, 10]. Tests using were undertaken on selective racks in the two 
directions namely cross-aisle and down-aisle. The displacements in the two principal directions 
were imposed to various levels on the test frame by means of actuators at different levels as 
shown in Figure 4.1.  
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Figure 4.1: Pushover tests on selective racks in: (a) down-aisle and, (b) cross-aisle directions [10]. 
 
A second method is the Pseudo-Dynamic Tests (PDT) or sometimes called Quasi-Static or 
Hybrid test. PDT is a substructure technique which includes applying slowly varying forces to a 
real structural model. The motions and deformations observed in the test specimens are used to 
infer the inertial forces that the model would have been exposed to during the actual earthquake. 
The concept of pseudo-dynamic test was originally proposed in late 1960s by Hakuno et al. [58]. 
The test in the latest form (i.e. digital computation with quasi-static loading) was developed in 
Japan by Takanashi et al [59] in the mid-1970s. Since then, many researchers have used the 
concept and verified the suitability of the method. Pseudo-Dynamic tests are simple, relatively 
inexpensive, and do not require very special type of apparatus. The basic concept of pseudo-
dynamic test is that the dynamic response is computed using the experimental result in each time 
step. Inertial and damping forces, required during the analysis process for the solution of the 
equations of motion, are modelled analytically. The computer, after calculating structural 
displacements at a specific time step, electronically provides this result to the actuator system. In 
the experimental process, the actuator control system imposes the calculated displacement and 
then measures and returns the restoring force, R(t), to the computer. With the measured data, the 
computer can calculate the response in the next time step. With this feedback procedure, the 
nonlinear inelastic dynamic response can be obtained without shaking table test devices. The 
flow of this feedback is shown in Figure 4.2. During the analysis process, the computer calculates 
the structural response (displacement) in a time step. However, the displacement history, d(t), has 
to be defined before the test, which is the main limitation of this testing technique. Similarly, the 
applied cyclic displacement history may not cover the range of displacements which the structure 
would undergo under dynamic action. Another major drawback of PDT testing technique is that a 
lot of time is consumed to conduct the experiment. This is mainly due to the time required by 
computer hardware to solve the equations of motion for determining the displacements and by the 
control system to execute the calculated displacements. Simulation of an earthquake, lasting 20 
seconds, takes hours of time with this technique. As a result, the response determined by this test 
of the structures that are sensitive to loading rate becomes questionable. 
(a) (b) 
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Figure 4.2: Schematic diagram showing the sequence flow of pseud-dynamic test method [60] 
 
A third method used for determining the seismic response of building structures is the nonlinear 
dynamic procedures NDP using a shake table for applying ground motions. This method is the 
most expensive yet the most accurate and sophisticated analysis method. This is because it 
eliminates the shortcomings of the two methods (POA and PDT) discussed above. The NDP 
method is usually considered to provide ‘exact’ solutions to assessment or design problems. With 
shake table test, different dynamic properties can be determined such as damping of the system, 
natural frequency, sliding of pallets, reduction in the effective mass due to pallet sliding. 
Moreover, shake table tests place no approximation on the distribution of the base shear with 
height as in push-over tests. Therefore, in this project it was decided to examine the response of 
drive-in racks using shake table tests.  
 
4.3 Test rig components and layout  
A one-degree-of-freedom rig was built to test drive-in racks with pay load up to 60tons. The rig 
was supported on sliding roller skates moving along four girders made of 150x37 UC hot rolled 
sections attached to the ground (Figure 4.3). The skates allowed longitudinal movement but 
restrained transverse and vertical uplift displacements of the rack frame using bearings mounted 
on custom-designed roller bearings as shown in Figure 4.4. The storage rack frame was supported 
on a steel grid made of RHS125x75x6 tubes (Figure 4.5 and Figure 4.6) which sits on the top of 
the skates, and is connected to a horizontal actuator bolted to the concrete slab using 20M16 
SpaTec Plus safety anchors. 
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Figure 4.3: Plan view for the I-beam girders that support the test rig 
 
 
 
   
Fig 4.4: Custom-designed skate with roller bearings for (1) vertical support, (2) uplift support, (3) 
side support 
 
Beam girders 
Anchor plates 
Ground anchors 
Stiffener (web) plates 
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The actuator consists of a 600kN hydraulic jack with accumulators installed for the hydraulic oil 
supply and return lines (Figure 4.7).The accumulators were necessary to ensure that the jack can 
operate with full capacity without losses or fluctuations in the oil pressure that could lead to loss 
of accuracy in the feedback signals especially under high frequency earthquake waveforms. The 
rig was designed to move in the N-S direction whereas the movement in the E-W direction is 
restrained. The base plate support points of the rig were designed to form an equidistant grid such 
that they allowed the rack to be tested in two perpendicular directions as shown in Figure 4.8. 
One direction concerns the down-aisle direction (portal frame direction), whereas the other 
direction is for the cross-aisle direction (the trussed frame direction). 
 
 
Figure 4.5: Underside plan view for the test rig showing the base plates that connect to sliding 
skates and the I-beam girders below 
 
Figure 4.6: Test rig set-up, top plan view showing the test rig on the top of the I-beams 
I-Beam 
girders 
underneath 
Test rig 
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Figure 4.7: Hydraulic jack, including the supply and return line accumultors 
 
 
    
Figure 4.8: Base plate connection configured to allow the tests in two perpendicular directions. 
Hydraulic Jack 
Accumulators 
Down-aisle direction 
Cross-aisle direction 
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A schematic diagram for the overall test setup is shown in Figure 4.9. The diagram shows the 
rack structure (in the cross-aisle direction) placed on the test rig, the test rig is connected to the 
hydraulic jack and sits on the sliding skates, the sliding skates sit on the I-beam girders which are 
anchored down to the concrete slab using 96 M16 Spatec safety anchors. On the Northern and 
Western side of the rack two instrumentation frames are installed on which instrumentations for 
recording the frame lateral sway in two perpendicular directions are mounted. A group of LVDTs 
are allocated to measure the rack displacement in the N-S direction, whereas a group of laser 
sensors are installed to measure the displacement in the E-W direction. Measuring the 
displacement of drive-in racks in two perpendicular directions simultaneously is of a great 
importance especially when testing the rack in the down-aisle direction. This is mainly because 
the centre of stiffness in the down-aisle direction is shifted towards the spine of the rack, creating 
a remarkable rotational motion which causes the structure to deform in two perpendicular 
directions. In addition, even when testing the rack in the cross-aisle direction if the mass 
distribution with height and long storage bays is not uniform the rack is expected to experience 
lateral displacement perpendicular to the loading direction under seismic loads.  
For determining the base shear due to seismic excitations, a 900kN load cell was attached to the 
actuator which gives direct measurement to the lateral force at the base level. 
 
 
 
 
Figure 4.9: Test rig set-up, side view showing the instrumentation frame  
  
Load cell 
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4.4 Design review and modifications to the test rig 
An initial design of the test rig as shown in Appendix A was carried out by another PhD student 
Tanim Ahmed. As part of the commission phase carried out by the author it was required to 
review the initial design in order to make sure that all details were sound and fit their purpose 
before construction. As a result of the design review task a few issues were found with the initial 
design that needed to be rectified. These modifications were mandatory in order to ensure a better 
and more accurate response during the tests, and also to facilitate and/or simplify the construction 
and assembly of the test rig. These modifications are highlighted and discussed below in some 
detail. 
 
4.4.1 Design modifications to the support beams 
The first design modification to the test rig was made to the roller I-beams which sit directly on 
the concrete slab as shown in Figure 4.9.  Initially the I-beams were designed with triangular 
stiffener plates on one side of the web as shown in Figure 4.10 which extended only to the mid-
height of the cross-section. These stiffeners were required to connect the anchor plates to the 
bottom flange of the support beam. The anchor plates are 20mm thick and added only on one side 
of the web. The anchor plates were welded using top fillet welds to the bottom flange, through 
which the anchor bolts were inserted and anchored to the concrete slab below.  A few issues 
existed with this design arrangement as follows. Firstly, if the beam is anchored down from one 
side only it would eventually rotate under the uplift tension loads due to the eccentricity between 
the line of action which is at the centre of the web and the line of resistance which is the centre of 
the bolt hole. This rotation would induce excessive tension on the anchor bolts firstly due to the 
finite lever arm for the resisting moment, and secondly due to the prying effect that takes place at 
the tip of the anchor plate. A preliminary design check showed that the anchor bolts would have 
been pulled out of the concrete floor due the limited embedment length within the 150mm thick 
slab which could cause a serious problem during seismic tests. The second concern with the beam 
detail was the potential local distortion of the top flanges due to the localized upward forces when 
the bearing skates go under tension since the beam top flange is free to bend vertically. Any local 
permanent deformation in the top flange of the support beam could potentially impede the free 
sliding of the skates longitudinally (or worst case scenario leads to a complete jamming). As a 
consequence, this impedance would increase the friction losses in the system, and would also 
change the response of the feedback signal significantly when compared to the jack input signal. 
The third concern was that the anchor plate was welded to the beam bottom flange using 
incomplete fillet welds at the top face of the plates leaving the bottom face with a free gap. Under 
high tension (upward) loads especially with a single sided anchor plate, tension stresses would 
occur at the bottom face. Due to the absence of any physical connection at the bottom face, owing 
to the incomplete welds, the anchor base plate would eventually have no bending resistance and 
would lead to increasing the gap and breaking the weld at the bottom and top faces. 
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To verify this reasoning, a finite element model as shown in Figure 4.11 was created for a short 
segment of the support beam with the web stiffeners added on one side, and with one sided 
anchor plate welded using incomplete top fillet weld. The beam segment was loaded at the top 
flange with the expected uplift force during the worst earthquake event. As shown in the Figure 
4.11b the beam rotated and lifted off the ground as a rigid body due to the uplift tension force, in 
addition to the bending of the top flanges. Also, the figure shows the separation at the bottom 
face of the anchor plate due to beam uplift (Figure 4.11c). Therefore, the design has been 
modified by firstly introducing two sided web stiffeners for the support beams where the web 
plates extended across the full depth. Also the web plates were fully welded on all sides using 
fillet welds along the beam flanges and web. Extending the web plates to full depth does not only 
stiffen up the top flanges against uplift, but also increases the beam web vertical load carrying 
capacity, increases the stiffness of the beam web against local buckling, and also provides lateral 
torsional restraint to the top flange when subjected to high dynamic compression downward 
force. The second modification was introducing anchor plates on the two sides of the beam in 
order to prevent the rigid body motion of the beam under uplift, and also to distribute the tensile 
force on the anchors uniformly. Moreover, the anchor plate connection to the bottom flange has 
been modified such that the plate is welded using a full penetration butt weld, by which the 
connection would be able to provide enough bending resistance. Another FE model for the same 
beam segment with the modified web and anchor plates has been made. The analysis results 
(Figure 4.12) showed that modified beam details have enhanced the beam behaviour by 
maintaining a symmetrical deformed shape, which in turn enforces a uniform distribution of 
tensile forces on the anchor bolts. In addition, with the full penetration welded connection the 
anchor plate does not separate from the bottom flange at any face as shown. As such, the support 
beam detail has been modified as to the detail shown in Figure 4.13. 
 
 
 
  
Figure 4.10: Initial design details for the support beams before modifications.   
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Figure 4.11: FE model for the support beam as per the initial design details: (a) un-deformed 
shape, (b) deformed shape, (c) separation in the anchor plate due to incomplete weld. 
 
 
 
 
  
 
Figure 4.12: FE model for the support beam as per the modified design details: (a) deformed 
shape, (b) no separation in the anchor plates owing to full the penetration butt weld. 
 
       
Figure 4.13: Support beam modified design detail 
(a) (b) (c) 
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4.4.2 Design modifications to the test rig 
Another modification was made to the RHS frame of the test rig. The original design consisted of 
plan diagonal bracings which extended diagonally from one corner to the opposite corner as 
shown in Figure 4.14 (underside view) and Figure 4.15 (top view). As shown in the enlarged 
details for the corner joints, the end bolts of the diagonal braces interfered with the top and 
bottom plates of the RHS frame. Because of this it was very difficult with the remaining space to 
install the braces and lay the welds at both ends. Moreover, even if the diagonals were installed 
successfully and welded at both ends, it would have been impossible to feed through the base 
plate anchor bolts which tie down the vertical uprights of the rack to the rig because the end 
plates of the diagonal braces in this case would obstruct the insertion of the bolts. Therefore, the 
connection detail had to be modified. To overcome this, the diagonal bracings were redesigned to 
be shorter than the original length by 100mm each end. Then a new diagonal member made of 
the same section as the test rig (i.e. RHS 125x75x5) was added at each corner of the braced bays 
as shown in Figure 4.16. With this additional cross member, sufficient space was created for the 
base plate bolts to be inserted and tightened. In addition, the additional cross members helped to 
increase the in-plane rigidity of the RHS frame by reducing the unbraced length of longitudinal 
members within the braced bays. This helped to enforce the RHS members on all grids to move 
collectively as one rigid block, and hence minimize any relative deformation at the base plate of 
the rack uprights. 
 
 
 
Figure 4.14: RHS frame as per the original design – underside view 
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Figure 4.15: RHS frame as per the original design – top view 
 
 
 
Figure 4.16: RHS frame as per the modified design – top view 
 
 
4.4.3 Design modifications to the rig and instrumentation frames 
Another design modification was made to the instrumentation frames. As mentioned in 
section 4.3, two instrumentation frames were needed to be installed on which instrumentations 
for recording the frame lateral sway in two perpendicular directions could be mounted. One 
frame was for installing a group of LVDTs to measure the rack displacement in the N-S direction, 
whereas the second frame was for installing a group of laser sensors to measure the displacement 
Chapter 4 – Test rig commissioning 
50 
 
in the E-W direction. The initial design was such that the instrumentation frames were mounted 
on the test rig frame itself as shown in Figure 4.17 where four cantilevers were extended out on 
which the frames were erected.  This arrangement allowed the instrumentation frames to move 
with the rig during any earthquake test, and hence the mounted instrumentation on each frame 
and specially the LVDTs would measure the relative lateral rack displacement directly. As per 
the original design the laser frame on the East side had only four laser sensors and were vertically 
levelled with the top of the rack (i.e. only record the top displacement of the rack in the E-W 
direction), and aligned with the rack four grids on which the vertical uprights are installed as 
shown in Figure 4.18. Similarly, the LVDT frame on the North side had only four LVDTs and 
were vertically levelled with the top of the rack (i.e. only record the top displacement of the rack 
in the N-S direction), and aligned with the rack four grids on which the vertical uprights are 
installed. The estimated maximum top relative displacement was approximately 150mm in the 
down-aisle direction, and therefore four medium range LVDTs (600mm range) were procured 
such that they provided a measuring range of ±300mm. 
However, since the cantilever beams of the test rig had no vertical support underneath, they were 
free to vibrate vertically. In addition, since the instrumentation frames were supposed to move 
with the test rig, then a question arose whether the lateral sway of the instrumentation frames 
themselves would be sufficiently small to not intervene with the rack readings. In that sense the 
adequacy of the proposed design could be justified only if the overall stiffness, and consequently 
the resonant frequency, of the instrumentation frame together with the cantilever beam is many 
times larger than the dominant frequency of the rack structure itself. To verify the design 
arrangement, a preliminary dynamic analysis of the instrumentation frame mounted on the test rig 
with the cantilever beams was carried out (Figure 4.19). The analysis showed that the frame 
would verily oscillate laterally during the earthquake test, and the vertical deflection (vibration) 
of the cantilever portions (Figure 4.20) would occur sufficiently large to interfere with the frame 
readings. As a result, this design arrangement had to be rectified otherwise the displacement 
readings would be meaningless. One solution was to increase the length of the ground beams and 
add extra bearing skates under the extended cantilever beam, and by doing that the vertical 
deflection of the beams could be eliminated. To reduce the lateral deflection of the 
instrumentation frame the solution would be to increase the member sizes of the frame itself such 
that it becomes stiffer than the rack. In this way the instrumentation frames could have been kept 
on the test rig. However, at that point of all materials were procured so it would have been 
uneconomic to get new longer beams and manufacture new skates. 
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Figure 4.17: Test rig with 8 cantilevers for mounting the instrumentation frames as per the initial 
design – plan view 
   
 
                  
 
Figure 4.18: Test rig with 8 cantilevers for mounting the instrumentation frames as per the initial 
design – East view 
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Figure 4.19: FE model for the test rig with the 8 cantilevers and instrumentation frames as per the 
details in the initial design 
 
  
 
 
Figure 4.20: Deformed shape for the test rig with the 8 cantilevers and instrumentation frames 
during an earthquake excitation 
(a) Plan view (b) Isometric 3D view 
(b) Side view 
(a) Isometric 3D view  
Direction of excitation 
Direction of excitation 
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To overcome this issue, a new design arrangement was worked out during the commissioning 
stage by which the test rig and instrumentation frames were isolated from one another. As shown 
in Figure 4.16 the cantilever parts of the test rig have been trimmed and stopped short on the East 
and North side respectively, and as such the instrumentation frames were placed directly on the 
concrete floor. By doing so, the instrumentation frame became completely independent of the 
movement of test rig and the dynamic response of the rack structure above. However, the 
installed LVDTs in this case would measure the total lateral displacement of the rack with the 
base displacement inclusive. Studying the displacement time history of the different earthquake 
signals, as will be discussed in more detail in Chapter 5, showed that the maximum base 
displacement could go up to 300mm. Adding to that the expected rack top displacement was 
estimated to be approximately 300mm. This made it insufficient to use ±300mm range micro 
pulse LVDTs, and therefor new high range LVDTs of 1400mm span which provided a measuring 
range of ±700mm was purchased to be used instead. The already purchased 600mm LVDTs were 
installed at the ground level to measure the base displacement.  
 
4.4.4 Design modifications to the instrumentations 
Another modification was made to the number of instrumentations used. Dynamic analyses of the 
rack structure, which will be discussed in more detail in Chapter 7, were carried out to explore 
the different vibration modes of the drive-in rack structure in all directions. The analyses results 
showed that the behaviour of the rack in the down-aisle direction differs greatly from the cross-
aisle direction. In the down-aisle direction the global lateral sway of the rack tends to increase 
nonlinearly starting from the back of the structure where the spine bracings exist to the maximum 
value at the front of rack which is the open entry side. Also, it was evident that the uprights 
deform differently depending on the extent of the spine bracings with height (Figure 4.21), and 
also depending on their location relative to the spine bracings. For instance, for the case with full 
spine bracings in all bays (Figure 4.21a) the uprights which are located closer to the spine have 
their maximum lateral sway at the top and gradually reduces linearly towards the base. Whereas, 
the uprights closer to the entry side deform in a double curvature fashion such that their 
maximum lateral sway is somewhere around 2/3 of height and reduces below and above that level 
as shown in Figure 4.22. However, when using other spine bracing configurations such as those 
in Figures 4.21b and 4.21c, the deformation mode of the uprights changes accordingly. In the 
cross-aisle direction the deformations are generally less when compared to the down-aisle 
direction. This is due to the presence of stiff diagonal braces which typically extend across the 
full height of the racking systems (Figure 4.23), with the first diagonal brace starting at 
approximately 400mm off the base level. Therefore, in the cross-aisle direction the racks tends to 
sway laterally as a rigid block with maximum deformation at the top of the rack and with slight 
decrease in the lateral sway down to the first horizontal brace. Figure 4.24 shows the typical 
fundamental mode shape in the cross-aisle direction. Based on the dynamic analysis results it was 
obvious that drive-in racks have more complex deformed shapes in the down-aisle and cross-aisle 
directions that cannot be captured by measuring only the top displacement of the rack. In 
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addition, the main challenge when developing numerical finite element models for the same 
structure is the calibration of the FE models to ensure they reproduce experimentally observed 
behaviours. In this case it was doubtful that recording lateral displacements only at the top level 
of the rack in both directions would be sufficient to predict accurate mode shapes. Therefore, 
additional 4x1400mm LVDTs where purchased to be placed at the second rail beam level, in 
addition to the 4x1400 LVDTs that were placed at the top level for recording lateral 
displacements in the N-S direction. Similarly, additional 4 laser sensors where purchased and 
placed at the second rail level, in addition to the 4 lasers at the top for recording lateral 
displacements in the E-W direction. The final setup for the new instrumentation frames is shown 
in Figures 4.25 to Figure 4.27. 
 
   
 
Figure 4.21: Different spine configurations for the stability of the down-aisle direction 
 
 
Figure 4.22: Fundamental mode shape in the down-aisle direction with full spine bracings 
(a) (b) (c) 
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Figure 4.23: Diagonal braced frames for the stability in the cross-aisle direction 
 
 
Figure 4.24: Fundamental mode shape in the cross-aisle direction with standard diagonal bracings 
(a) Drive-in racks 
(b) Selective racks 
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Figure 4.25: Isometric 3D view for the instrumentation frames as per the new design 
 
 
Figure 4.26: Plan view for the test rig as per the modified design 
Laser sensor frame 
mounted on the floor 
LVDTs frame mounted on the floor 
Test rig 
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Direction of excitation 
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Figure 4.27: East side view for the modified LVDTs instrumentation frame 
 
 
Figure 4.28: South side view for the modified laser sensors instrumentation frame 
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Another modification to the instrumentation setup was the inclusion of accelerometers to measure 
direct accelerations from the concrete masses at different levels. As per the original design, the 
only instrumentations that were used as mentioned previously were laser senors and micor pulse 
LVDTs for recording the rack top displacements in two perpedicular directions. Whereas, the 
base shear at the rig level (i.e. base of the uprights) would be recorded using the load cell 
attached to the hydraulic jack. Therefore, there was no accelerometers used to detect the 
accelerations of the individual blocks since the overall resultant base shear would be determined 
at the base level using the load cell. However, storage racks behave differently from ordinally 
residential buildings in regards to the seimic masses that are engaged with the structure during an 
earthquake event. In residential buildings most of the masses are due to the dead (self) weight of 
the structure, whereas in storage racks the pallet merchandise could posses more than 90% of the 
overal weight. Another key difference between residential building and storage racks is that in the 
latter case the masses are not rigidly connected to the structure since the merchandise are stored 
on pallets which are placed on shelf beams (as in selective racks) or rail beams (as in drive-in and 
drive-thru racks) with no physical connection between them as shown in Figure 4.29. Hence, the 
pallets can slide freely during an earthquake event if the lateral force on the above mass exceeds 
the friction force between the pallet and the supportig beam [61]. This sliding leads to a reduction 
in the seismic (effective) mass of the rack. With the original instrumentation setup there was no 
tool to detect or measure the pallet sliding, and consequenctly the effective seismic mass could 
not be detected.  
 
 
   
 
Figure 4.29: Pallet merchandise placed on shelf beams 
 
 
(b) Pallet load (a) Pallets on shelf beams 
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To rectify this, three sets of accelerometers were added to the test setup and installed at different 
locations as shown in Figure 4.30. The first set of accelerometers was attached directly to the 
concrete blocks (representing the masses), whereas the second set was placed on the pallet 
underneath that supports the same concrete block, and the third set was attached to the rack 
structure itself at a location that is aligned and leveled as close as possible with the 
accelerometers in the previous two sets. The concept here is that the difference in the acceleration 
readings between the accelerometers in set 1 and set 2 would detect the sliding that takes place 
between the conrete block and the pallet underneath. Whereas, the  difference in the acceleration 
readings between set 2 and set 3 would detect the sliding of the pallet relative to the structure at 
the same level. With this addition, it becomes feasible to detect the sliding that takes place at 
different locations and hence the seismic effective mass could be determined.  
 
 
Figure 4.30: Different sets of accelerometers for determining pallet sliding as per the 
instrumentation modified setup 
 
4.4.5 Design modifications to connection between the load cell and the rig 
Another design modification was made to the connection between the load cell and the test rig. 
As per the original design, the load cell was connected to a 76.2mm thick plate as shown in 
Figure 4.31. This plate had special radial arrangement for the bolt holes in order to connect with 
the radial anchor arrangement of the load cell itself. Another 40mm thick plate was attached and 
fully welded to the triangular frame of the test rig. Each plate had 4 holes of 26mm in diameter 
which were aligned and connected together using 4M24 high strength bolts. The test rig 
attachment plate as shown also had two stiffener plates of 40mm thick and welded across the 
entire width of the plate. The first modification made to this connection was to delete the stiffener 
plates of the test rig attachment plate. As mentioned earlier, two 40mm stiffener plates were 
welded to the rig plate using 8mm fillet welds on both sides across the full width (670mm) of the 
rig plate with a total length of welds of 2.68m. There was a concern that overheating very thick 
plates due to long length of welds and no uniform cooling would generate high residual stresses, 
which as a result and could cause distortion and permanent deformation to the test rig plate. If 
that happened, the alignment between the faces of the load cell plate and test rig plate would 
Set 1 
 
Set 3 
 
Set 2 
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Figure 4.31: Load cell attachment details to the test rig as per the initial design 
Section cut A-A 
 (a) Plan view 
 (b) Section A-A  (c) Section B-B 
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have been compromised leading to imperfect contact between the two plates, which as a 
consequence could cause uneven distribution of tensile forces on the anchor bolts. Unequal 
distribution of tension could make one or several bolts highly overstressed with associated risk of 
fracture. Preliminary design calculation was undertaken to estimate the level of the stresses in the 
test rig plate at loads equal to the load capacity of the hydraulic jack, which was in the order of 
600kN. It was determined that the stresses were below the yield stress (250MPa). Moreover, the 
position of the plate anchor bolts relative to the triangular frame indicated that the plate dominant 
deformation would be along the plate depth (i.e. main direction of a deformable 2D plate) as 
schematically shown in Figure 4.31(f). In that sense, the stiffener plate orientation would neither 
be required for limiting the plate stresses nor controlling the plate deformation. To verify this 
conclusion a FE model was created for the rig attachment plate with a short segment of the 
triangular frame as shown in Figure 4.32. Both displacement and stress resultant diagrams for the 
rig plate are shown. It was evident from the analysis results that the maximum stress in the plate 
was about 254MPa which was only local around the bolt nuts, whereas the rest of the plate had 
lower stresses than the yield stress. Also, the deformed shape of the rig plate as shown in Figure 
4.32(c) and Figure 4.32(d) showed that the deformations are insignificant and dominantly along 
the depth of the plate respectively. As a result, both stiffener plates were removed since it was 
proven that they were not needed, and hence the involved risks of including them were 
eliminated. 
The second modification to this connection was made to the load cell attachment plate. The 
thickness for this load cell attachment plate as per the original design was 76.2mm as shown in 
Figure 4.31 which was a nonstandard thickness. From the previous analysis shown in Figure 4.32 
and the conclusions found for the rig plate attachment, it was envisaged that a similar plate 
thickness of 40mm would be adequate to attach to the load cell instead. To verify this, another FE 
mode was created for the whole connection as shown in Figure 4.33. The FE model had all 
components modelled including the load cell and the load cell anchors. The analysis results 
showed that displacement and stresses of the load cell plate with the reduced thickness were 
negligible and below the yield stress of the material respectively. Moreover, earthquake tests 
conducted, which will be discussed in Chapter 8, had proven the adequacy of this modified 
design as all plates remained elastic with no permanent deformation even under severe 
earthquake events. 
All the above design additions and modifications were carried out by the author during the 
commissioning of the test rig and before commencing construction. The final revised design 
drawings including the author’s contribution to the design of the rig and the new design of the 
instrumentation frames are shown in Appendix B, which have been also published in Ahmed’s 
PhD thesis [55]. The drawings included were drafted by Ahmed and reviewed/verified by the 
author. Also, the collective design work of the test rig was published in [26] which included the 
outcomes of the design review discussed in this section, and also highlighted other aspects of  the 
rig design. 
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Figure 4.32: FE analysis for the test rig attachment plate as per the modified design 
 (a) Isometric view  (b) Plan view 
 (c) Deformation diagram  (d) Deformation diagram – side view 
 (e) Stress diagrams - MPa 
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Figure 4.33: FE analysis for the load cell attachment plate as per the modified design 
 (a) Isometric view - Load cell plate  (b) Side view - Load cell plate 
 (c) Isometric view – all attachment plates  (d) Pan view – all attachment plates 
 (e) Deformation of the load cell plate  (e) Stress diagram of the load cell plate 
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4.5 Commissioning of the test rig 
One of the main challenging tasks in this project was the commissioning of the earthquake testing 
facility. The commissioning of the shake table included four stages. Stage 1 was the design 
review and modifications of the test rig which was discussed in the previous section, stage 2 was 
the construction of the test rig (shake table), stage 3 was the shake table friction tests for 
determining the friction losses inherent in the constructed testing facility, and the last stage was 
testing the rig under ultimate earthquake loads. The work involved in the latter three stages is 
discussed in the flowing sections. 
 
4.5.1 Construction of the test rig. 
Upon completion of the design review and approving the rig modified drawings (ref. 
Appendix B) the construction phase of the test rig started. The following series of photos show 
the progression of the work undertaken during construction starting from the assembly of 
individual components, to the assembly of a group of elements, to finally the assembly and 
completion of the whole rig. The work included many different activities such as cutting plates, 
preparation of plate edges and punching holes, drilling holes in the concrete slab, saw-cutting 
steel tubes, extensive welding, survey measurements for levelling, grouting, connection assembly 
checks, and oil ducts anchoring as shown in the figures. 
 
   
Fabrication and assembly of the plates that make the skates. Assembly of the different roller bearings 
for restraining the skates from moving sideways or lifting up. Recall Figure 4.4 for the different types 
and functions of the roller bearings used.  
 
    
Distribution of support beam to the desired position and making sure the expected anchor points do 
not clash with the underground electrical cables. Minor adjustment needed. 
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Cutting and preparation of the support beam anchor and stiffener plates. Aligning the anchor plates 
with the beam flanges and tack welding to secure their position before complete welding. 
   
Adjusting and levelling the anchor plates with the support beam flanges. 
   
Preparation of the edges of the anchor plates by making double bevels for providing a complete 
penetration butt welds between the plates and the bottom flange of the support beam. Recall the 
design modification as shown in Figure 4.11 and Figure 4.12. 
  
Welding the support beam web (stiffener) plates at the zones where the bearing skates are designed to 
span within when they slide during an earthquake test event. Recall the design modification shown in 
Figure 4.12 and Figure 4.13 for the modified shape of the stiffener plates. 
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After completion of welding the anchor and stiffener plates to the support beam, the beam were laid 
on the floor for preliminary levelling using levelling screw located toward the ends of the beams as 
highlighted with the arrow. 
 
    
Cutting the RHS tubes to the desired length using a saw cutter. Marking the RHS tubes centre lines 
on the bottom plates and top plates which connect the RHS frame to the bearing skates from below 
and the rack frame from above respectively. Welding the base plates to the RHS tubes. The welding 
started firstly by providing one inch holding tack welds to put all plates in position, then all plates 
would be fully welded in a sequential manner that distributed the heat uniformly along the RHS tube 
to avoid the accumulation of high residual stresses that could cause the tube to camber.  
 
    
Preliminary adjustment to the support beams with the RHS on the top and adjusting the levels at the 
beam ends to make sure that the top plane of the rig remains horizontal. The level measurements for 
the ground beams were undertaken on each beam at both ends to make sure that each beam is flat. 
Then, the levels between adjacent beams where checked laterally and diagonally. This was important 
because the concrete floor was not flat (a small slope was made in the concrete slab), in addition to 
local differences in levels at the top of the concrete slab due to abrasion and/or construction tolerance 
of the concrete floor. 
Levelling screws 
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After the adjustment of the beam levels, the anchor points of the ground beams were marked on the 
concrete floor, after which drilling the concrete took place. A total of 96 holes were drilled to the 
desired depth. After completion, the drilled holes were cleaned by using a vacuum cleaner for sucking 
dusts out of the holes in preparation to install the ground anchors. 
 
     
After the completion of drilling and cleaning the holes and adjusting the beam levels, the preparation 
of the grout formwork took place. The formwork was made of 25x25x3 equal angles, and was 
positioned to box the ground beams leaving enough distance from each side to spread the grout in 
accordance with the manufacturer’s recommendation. The angles were glued from the underside to 
the concrete floor along the entire span to make sure no gaps exist between the bottom of angles and 
the concrete floor. 
   
Upon completion of the beam formwork, all ground anchors for the support beams were installed and 
secured in position using M26SpaTech anchors. At this point, the ground beams became permanently 
fixed to the concrete floor.  
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Special epoxy grout was used which consisted of two separate admixtures that needed to be mixed 
together. The first component was the resin whereas the second component was the hardener. This 
special grout had a very low viscosity which was needed to ensure a smooth flow of the grout under 
the beams soffit. As shown in the picture the grout started flowing below the beam from one side to 
the opposite side. 
 
 
   
Grouting under the support beams was required due to the differences in levels in the concrete slab in 
both the N-S and E-W directions, which left the underside of the ground beams with unequal/non-
uniform gaps. Filling these gaps was crucial otherwise the beam could have sagged under the vertical 
loads when the structure above was erected. This special epoxy grout had a load bearing capacity as 
high as concrete which provided a very strong foundation below the beams with no cracks or 
deformations under ultimate vertical loads. 
  
   
Taking levelling measurements for the hydraulic jack anchor plate and determining the high and low 
points of the concrete slab at that location. Preparation of the jack support plates. Placing the jack on 
the support plates to ensure that the side lugs of the jack can fit within the plate groves. 
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Marking and drilling the anchor holes in the jack base plate. Subsequently, holes in the concrete floor 
were drilled at the same base plate hole locations. A total of 20 holes were drilled in the plate and the 
concrete slab.  Preliminary adjustments to the base plate with the jack on the top and marking the 
final position of the vertical plates before welding. Welding the jack support plates to the base plate. 
 
 
   
Connecting the load cell to the hydraulic jack to check that the connection between them fits 
properly. A spherical alignment coupler was inserted between the load cell and the jack which 
allowed a construction tolerance of ±3mm, and ±3 degrees of rotation. 
 
 
   
Installing the jack base plate ground anchors and permanently securing the base plate in position. 
Installing ground formwork around the base plate perimeter leaving enough edge distance from all 
sides as per the manufacturer’s recommendations. Grouting under the jack base plate. Installing the 
jack in position. 
  
Alignment coupler 
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Placing the different RHS tube members in their specified locations. The RHS tubes were initially 
installed in position using tack welds until all members were in position. This was important to ensure 
that the whole frame remained square and if not adjustments could be made before conducting the full 
welds.  
 
   
A carefully planned welding sequence was considered for welding the RHS members. Welds were 
laid to opposite corners of the frame starting from outside to inside and in a sequential manner. By 
doing so, a uniform heat distribution was maintained at all points of welds and hence induced as 
much as possible a symmetrical distribution of residual stresses in all members. 
 
   
Cutting of the short diagonal cross members and installing them at the corners of the braced bay of 
the test rig. Recall Figure 4.15 and Figure 4.16 for the modified shape of the test rig. 
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Welding all cross diagonals at all corners in a sequential manner to distribute the heat. With the 
addition of the cross diagonal beams enough space was provided for installing the top plate anchor 
bolts that tie down the vertical uprights of the rack to the rig. 
 
 
   
Feeding through the bearing skates below the RHS frame. Connecting the bearing skates to the 
underside of the rig after which the assembly of the square part of the rig frame was considered to be 
completed. 
 
 
   
Construction of the triangular frame of the rig. Taking measurements for levelling the triangular 
frame with the preassembled square frame. Installing all members in position with initial tack welds 
which was followed by complete welding at all sides. 
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Upon completion of the triangular frame, both frames (i.e. triangular and square) were bolted together 
through steel plates attached the abutting ends of the frames. Followed by connecting the hydraulic 
jack to the test rig. 
 
 
    
Recall Section 4.4, Figure 4.32, and Figure 4.33 for the design modifications. 
 
 
    
Installing and connecting the oil supply and oil return ducts to the oil accumulators, then connecting 
the ducts to the hydraulic jack. After all ducts had been securely installed into the jack and the 
accumulators they were connected to the oil pump pipe lines.  
 
40mm rig and load cell plates Stiffeners deleted 
40mm load cell plate 
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All ducts were anchored at multiple points along their length to the concrete floor using custom made 
anchors. This was required to ensure the cables would not move under high oil thrust forces. 
 
 
      
Construction of the rig is completed showing the final shape of the test rig as per the modified design 
arrangement (recall Section 4.42, Section 4.4.3 and Figure 4.26) with all ducts connected. 
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Fabrication and assembly of the instrumentation frames. Installation of the LVDTs frame on the 
North side and the laser sensors frame on the East side. Base connections of the instrumentation 
frames are fixed to the concrete floor directly. Recall Section 4.4.4 and Figure 4.25 for the modified 
design arrangements. 
Preparation of the 
instrumentation frames’ 
uprights and base plates 
LVDTs frame at 
the North side 
Laser sensors frame 
at the East side 
LVDTs frame 
base connection 
Laser sensor frame 
base connection 
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4.5.2 Determination of the Friction Coefficient of the Test Rig 
Despite the strict construction methodology applied when building the test rig, imperfections 
were inevitable although unlikely to compromise the efficiency and the performance of the test 
rig. There were different sources of imperfections in the test rig which could be attributed to the, 
(i) friction in the bearing skates when rolling over the ground beams, (ii) surface roughness of the 
support beams, (iii) minor misalignment in the ground beams and/or the RHS frame owing to the 
built-in residual stresses from the welds. However, all these imperfections could be lumped as a 
resultant friction resistance, which the hydraulic jack had to overcome by exerting more work.  
 
   
 
Figure 4.34: Bearing skates and support beams contributing to the overall friction losses 
 
The extra work added due to friction gives rise to an additional force that is in addition to the 
total base shear applied by the jack. To quantify the level of friction in the seismic test rig, 
multiple non-destructive friction tests were carried out through which different levels of masses 
with different stroke speeds were used. The masses used in the friction tests were the same 2 tons 
concrete blocks that would be used for loading the rack structure. However, in order to place the 
concrete blocks on the test rig directly another modification was made to the rig by adding 20mm 
thick plates on the top. The plates were oxy-cut at the intersection of the rig grid lines to 
accommodate for the existing uprights anchor plates. In that sense, the new rectangular plates 
were resting directly on the RHS beams on all four sides. Figure 4.35 shows a few photos from 
the construction of the new added plates, starting with cutting the plates for making the necessary 
groves, preparation and chamfering the plate edges, and laying the plates in their designated 
positions. 
 
 
(a) 15-OT Hilman rollers with vertical capacity 15tons 
capacity 
(b) Support beam surface roughness due to rust 
Surface rust 
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Figure 4.36: Construction of new additional plates in preparation for the friction tests. 
 
The maximum gravity load put on the seismic rig was 58tons, being the weight of 27 concrete 
blocks (54tons) and the self-weight of the test rig (4tons) with the new top plates included. 
However, this maximum load was applied in three stages. The first stage included only 9 blocks 
that weighed 18tons, whereas the second stage included 18 blocks that weighed 36tons as shown 
in Figure 4.36, and the third stage included all 27 blocks weighing 54tons. Variable stroke speeds 
were used in order to investigate the sensitivity of the friction coefficient to the speed of the jack. 
However, the stroke speed was kept constant in each test in order to eliminate inertia-induced 
forces in the system. The stroke speeds used were 0.5mm/sec, 2mm/sec, 3mm/sec, and 4mm/sec. 
Figure 4.37 shows the test results for the 27 concrete blocks load case. The experimental results 
for the four different speeds showed high frequency oscillations in the measured friction force. 
These oscillations were attributed mainly to the low level of friction force, which in this case 
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varied between 4 kN and 8 kN, which also was very small compared to the load cell capacity that 
is 900KN. If fact, the friction force fell within the ±1% error tolerance indicated by the load cell 
manufacturer, corresponding to ±9 kN. Thus, noise in the measured load signal was one reason 
for the observed oscillations. A further reason was the flexibility of the steel plate supporting the 
concrete blocks. As shown in Figure 4.38, the plates were vertically supported along the four 
sides of each loading bays, however 6 out of 9 bays provided no vertical support at their mid 
spans at which the vertical loads were applied. As a result, the steel plate under the concrete 
blocks loads acted like a spring vibrating vertically. Moreover, imperfections in formwork used 
to cast the concrete blocks caused out-of-flatness of the bottom surfaces of the concrete blocks. 
As a result, the concrete blocks were not in perfect contact at their bearing surfaces, both at the 
supporting base plate at the first level and between the concrete blocks themselves at the upper 
levels as shown in Figure 4.39. These gaps caused the concrete blocks to rock slightly as rigid 
bodies.  
 
       
Figure 4.36: Friction tests with; (a) 9 concrete blocks – 18tons, and (b) 18 concrete blocks – 36tons. 
 
 
Figure 4.37: Friction test results for the 27 concrete blocks load case with a total mass of 58tons. 
(a) (b) 
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Figure 4.38: Concrete blocks base plate support lines. 
 
   
Figure 4.39: Gaps between concrete blocks faces, and between the blocks and the supporting plate 
 
The rocking of the concrete blocks, plus the vertical spring behaviour of the supporting steel 
plates, in addition to the noise level of the load cell readings all led to the friction force patterns 
shown in Figure 4.37. However, despite these oscillations in the friction force readings it can be 
noticed that the friction force recorded was in the order of 1% as when compared to the total load 
that was 58 tons. This level of friction was considered very reasonable when taking into 
consideration the size of the rig and the load order of magnitude. That is to conclude that the 
control measures applied during construction and assembly of the test rig met the desired 
performance outcomes. 
 
4.5.3 Commissioning the test rig under ultimate earthquake loads 
After completing the quasi-static friction tests, the performance of the whole system including the 
rig, ducts, jack, connections, and the hydraulics of the accumulators needed to be examined under 
peak dynamic loads. For this purpose, the test rig was loaded with 27 concrete blocks as shown in 
Figure 4.40 with a total mass of 54 tons, in addition to 4 tons due to the self-weight of the rig.  
Three different earthquake waveforms as shown in Figure 4.41 were used to conduct the ultimate 
earthquake capacity tests of the rig. More details about the selection and scaling of the 
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earthquakes signals will be discussed in Chapter 6. For each waveform, multiple tests were 
carried out starting with a low scale factor for producing low magnitude ground motions, and 
gradually increasing the scale factor to produce the desired peak ground accelerations. Table 4.1 
summarizes the different scale factors used for the seismic tests with the peak ground 
acceleration (PGA) recorded being 4.4m/sec
2
 (~ 0.45g) for the ElCentro waveform.  
 
 
 
 
Figure 4.40: Loading the rig with 27 concrete blocks for the friction and ultimate dynamic tests 
 
 
Table 4.1: Ground waveforms used in the seismic rig ultimate capacity tests 
Record Name  Scale PGA (g) 
Duzce 10% 
30% 
50% 
125% 
0.04 
0.11 
0.18 
0.35 
ElCentro 10% 
30% 
75% 
100% 
0.04 
0.13 
0.33 
0.44 
Tabas  10% 
30% 
50% 
100% 
0.04 
0.12 
0.21 
0.41 
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Figure 4.41: Ground motion waveforms used for the ultimate capacity test of the seismic 
rig; (a) Duzce 1999, (b) Imperial Valley-ElCentro 1940, and (c) Tabas 1978 
 
With such high PGA it was necessary to secure the 27 blocks in position to prevent them from 
tipping over under the high inertia forces. Therefore, tying straps with 2.5 tons tension capacity 
were used to tie down every column of concrete blocks to the rig as shown in Figure 4.42. In 
addition, 40mm thick steel rods were inserted between the top three blocks on the front and back 
rows. These rods were then diagonally tied down to the test rig as shown in Figure 4.43 to from a 
triangular tension system to prevent the front and back rows from falling off the rig. However, 
the middle columns of concrete blocks were not braced with tie rods, because the middle columns 
were deemed to be effectively prevented from tipping over by the presence of the restrained front 
and back lines. Upon completion of the peak earthquake tests, a final inspection was done to 
make sure that all connections were in contact, no fracture visible in the welds, no permanent 
deformations in any of the RHS tubes, no buckling or distortion in the ground beams, no oil leaks 
in the ducts or in the valves. During inspection it was very noticeable the level of dislodgement 
that the concrete blocks experienced as shown in Figure 4.44 with the maximum dislodgment 
occurring at the middle columns as expected, whereas the front and back columns moved less. 
(a) 
(b) 
(c) 
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Also, it was found that the concrete blocks experienced minor damage to their edge as shown in 
Figure 4.45 due to the rocking induced pounding occurred at the peak ground accelerations. 
These observations confirmed the necessity of tying the concrete blocks to the test rig, and the 
success of the proposed scheme of using tension straps and transverse rod bars. Upon the 
completion of the visual inspection of the rig, another analytical check was undertaken to verify 
the performance of the whole system. With a total mass of 58 tons, the jack position feedback 
signal was plotted vs the demand signal position for the Duzce and ElCentro waveforms 
(Figure 4.46). As shown, the curves are in good agreement in terms of magnitude and phase with 
no separation between them. This check was important verifying that: 
(a) the connection between the jack and its supporting plates are rigid, because of the very 
tight construction tolerances used during construction, 
(b) the elastic deformations of the jack supporting plates are insignificant, 
(c) no cracks occured in the jack plates, 
(d) the concrete floor remained solid with no cracks due to the high base shear applied at the 
anchor bolt locations, 
(e) the reduced thickness of the load cell plate proven to be adequate with negligible 
deformations as showed in the FE analysis (recall section 4.4.5), 
(f) all bolted connections between; (i) the jack and the rig triangular frame, (ii) the triangular 
and square frames of the rig were intact. 
  
These results demonstrated the successful outcomes of the stringent control measures taken 
during construction, and the quality of the work undertaken in producing the seismic testing 
facility that successfully met its design objectives. Hereby, the commissioning of the test rig was 
completed. 
To facilitate the erection of the rack and for providing a safe platform for the technicians and 
engineers working on the structure, the added concrete supporting plates were left on the rig as a 
permanent item. Otherwise, the voids between the test rig frame grids could have caused a trip or 
falling hazards. Therefore, as part of the modification made to the design of the rig was the 
inclusion of the top plate as a working platform as shown in Figure 4.47. 
Figure 4.48 shows fully installed drive-in racks used for testing in the down-aisle direction (tests 
carried out by another student), and the cross-aisle direction (tests carried out by the author in the 
present research project). 
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Figure 4.42: Tying the concrete blocks down to the rig using tension straps 
 
 
Figure 4.43: Providing diagonal tension system with tie rods and tension straps 
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Figure 4.44: Dislocation of the concrete blocks after the dynamic tests 
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Figure 4.45: Minor damage due to rocking and pounding of the concrete blocks.  
 
 
 
 
Figure 4.46: Earthquake waveforms (demand vs feedback signals) for the rig loaded with 58tons; 
(a) Duzce , and (b) ElCentro 
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Figure 4.47: Technicians using the top plate added to the rig as a working platform. 
 
 
    
 
Figure 4.48 Drive-in rack fully erected in preparation for the seismic tests 
 
(a) Down-aisle tests (b) Cross-aisle tests 
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CHAPTER 5 
 
TUNING HYDRAULIC JACKS FOR EARTHQUAKE 
SIMULATIONS 
 
5.1 Introduction 
This chapter discusses the work done for calibrating and tuning the hydraulic jack for conducting 
earthquake tests. Different sets of non-destructive seismic tests were carried out on the rig to 
examine the accuracy of the setup in producing precise earthquake simulations. The first set was 
carried out on the jack itself when disconnected from the test rig, the second set was carried out 
on the jack when connected to an empty rig (i.e. no concrete blocks added). A third set of tests 
was carried out on the jack when connected to a fully loaded rig with 27 concrete blocks (i.e. 
58tons), and the last set was carried out on the storage rack structure built and fully loaded with 
27 concrete blocks. As a result of an extensive study with over 150 different earthquake tests, a 
new proposed method for tunning servo-valves hydraulic jacks has been determined which has 
been proven to produce accurate earthquake simulations. 
 
5.2 Quake waveforms used in the test rig seismic simulations 
The seismic response of structures primarily depends on the characteristics of the ground motion 
at the site location. Therefore, many design standards such as NZS 1170.5 [62], Eurocode8 [63] 
and other references such as NEHRP [64] require appropriate selection of ground motions from 
events that have magnitudes, fault distances, and source mechanisms that are consistent with 
those that control the maximum considered earthquake. In addition, where three-dimensional 
analysis is performed, ground motions shall consist of pairs of appropriate horizontal ground 
motion acceleration components that shall be selected and scaled from individual recorded 
events. Where the required number of recorded ground motion pairs is not available, appropriate 
simulated ground motion pairs shall be used to make up the total number required. NZS 1170.5 
[62] requires the use of at least three earthquakes from which the most unfavourable response is 
considered for design, whereas Eurocode8 [63] suggests to use seven or more earthquake signals 
and the average response would be assumed appropriate for design. However, other 
recommendations are more stringent such as FEMA P695 [65] which requires a combination of 
earthquakes that consists of 44 different ground motions when using nonlinear time history 
analysis for determining the collapse capacity of the structure studied.  
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From the previous discussion it is evident that the required number of earthquakes to be used 
varies considerably when structures are designed using nonlinear dynamic analysis procedures. 
However, for the seismic tests carried out in this project, three earthquake signals were selected 
(to compose one family of 3 records) in accordance with the recommendations of  NZS1170.5 
[62] since this project was oriented towards studying different sites in New Zealand such as 
Auckland, Christchurch, and Wellington. When the site is near a major fault, NZS1170.5 [62] 
stipulates that one record in three in each family selected shall have a forward  directivity 
component, while the remainder of the family shall be of near-neutral or backwards directivity. 
Quoting Section 5.5.1 of NZS1170.5: 
“The ground motion records shall be selected from actual records that have a seismological 
signature (i.e. magnitude, source characteristic (including fault mechanism) and source-to-site 
distance) the same as (or reasonably consistent with) the signature of the events that significantly 
contributed to the target design spectra of the site over the period range of interest. The ground 
motion is to have been recorded by an instrument located at a site, the soil conditions of which 
are the same as (or reasonably consistent with) the soil conditions at the site”. 
 
Therefore, it is obvious that the selected earthquake signals have to meet different criteria and 
cannot be random. To comply with the selection requirements, three earthquake records from 
those presented in Oyarzo et al. [66] have been chosen. In his research, Oyarzo divided 
New Zealand into several seismological hazard zones based on the mapping of the Hazard Factor 
presented in NZS 1170.5:2004, and the fault mechanism. Furthermore, Oyarzo proposed a suite 
of records for use when conducting time-history analyses for structures built in the Northern 
island of New Zealand. The three earthquake signals chosen are listed in Table 5.1, with Tabas 
being a near fault earthquake. As shown, the earthquake signals are based on actual recordings of 
seismic events at various locations around the world. The earthquake time history records were 
downloaded from the PEER ground motion database [67], with the acceleration and displacement 
time histories for the three signals presented in Figure 5.1 and Figure 5.2 respectively. The 
figures show the unscaled signals with the time span being truncated to 20 seconds only of the 
total duration of the actual earthquakes.  
 
Table 5.1: Selected quake waveforms for the earthquake simulation tests. 
Record Name  Station  Date  Magnitude  Mechanism  Near Fault 
Duzce-180  
Duzce, Turkey 
Duzce 12/11/1999 M (7.14) Strike Slip No 
El Centro-180 
Imperial Valley, 
USA 
117 El 
Centro Array 
#9 
19/05/1940 M (7.0) Strike Slip No 
Tabas-LN 
Tabas, Iran  
Tabas 16/09/1978 M (7.35) Reverse Yes 
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Figure 5.1: Unscaled truncated acceleration time histories for the selected earthquake signals; 
(a) Duzce-180_1999, (b) ElCentro-180_1940, and (c) Tabas-LN_1978 
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Figure 5.2: Unscaled truncated position time histories for the selected earthquake signals; 
(a) Duzce-180_1999, (b) ElCentro-180_1940, and (c) Tabas-LN_1978 
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The total duration, however, of Duzce, ElCentro, and Tabas native files were about 25sec, 54sec, 
and 33sec respectively. Figure 5.3 shows the native acceleration TH for ElCentro and Tabas 
signals. It can be seen that for ElCento EQ the –ve peak ground accelerations took place at 
around 2.5sec with a few +ve peaks at about 5sec. After 15sec, the signal tends to decay with 
peak ground accelerations that are much lower than the ones depicted within the first 20seconds. 
Similarly, for Tabas EQ the +ve peak ground accelerations took place at around 10seconds with 
a couple of -ve peaks between 11sec and 13sec. After 15 seconds, the signal tends to constantly 
decay with peak ground accelerations that are much lower than the ones depicted within the first 
20sec. Whereas, for Duzce EQ signal the truncated time was very close to the total duration and 
after which the signal had almost died out. Using the whole duration of the native files was 
considered impractical, firstly because it unnecessarily elongates the time needed for running 
each signal, especially when running the FE simulation models. Secondly, as is shown from the 
figures, by 20seconds all the major +ve and –ve ground acceleration peaks are captured. Hence, 
only the first 20 seconds will be considered in the seismic tests and the FE seismic simulations. 
 
 
 
Figure 5.3: Unscaled complete acceleration time histories for the selected earthquake signals; 
(a) ElCentro-180_1940, and (b) Tabas-LN_1978 
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5.3 Frequency analysis of the selected earthquake waveforms 
As shown in section 5.2, the signals chosen for the earthquake tests are irregular wave forms 
comprising a wide range of component frequencies and amplitudes, which consequently means 
that the structure will respond differently to each signal. A good insight into the nature of the 
selected earthquakes can be achieved by determining their frequency content, which has been 
widely accepted as providing valuable information about the nature of the ground motions. 
However, this implies studying the earthquake waveforms in the frequency domain instead of the 
time domain. One way to do this is by using the Fast Fourier Transform (FFT) function. The FFT 
amplitude spectrum determines the range of frequencies at which the earthquake could cause the 
most significant damage. Thus, it can be thought of as a dynamic tool that can provide 
information on the damage potential of earthquakes on structures by identifying the distribution 
of frequencies. By doing that, it becomes possible to check if the frequency content of the 
earthquake signals chosen fall near the fundamental frequencies of the structural systems to be 
assessed or designed. In practice, frequencies in ground motions above 40 Hz are thought to have 
an insignificant effect on the structural response. 
 
Consider that the earthquake input acceleration signal, being a function of time t, is denoted as 
y(t). Then the Fourier Amplitude of the signal can be computed by firstly expressing y(t) through 
a superposition of a full spectrum of harmonics using the following equation: 
 
 
𝐹(𝜔) = ∫ 𝑦(𝑡)𝑒−𝑖𝜔𝑡𝑑𝑡
∞
−∞
     (5.1) 
 
 
where (𝜔) is the circular frequency of the excitation force.  
 
 
Equation 5.1 can only be solved by assuming that the ground motion is nonzero in a finite time 
range. In this way one can break up Eqn. (5.1) into its real and imaginary components as follows: 


𝐹(𝜔) = ∫ 𝑦(𝑡)𝑐𝑜𝑠𝜔𝑡 𝑑𝑡 − 
𝑡1
0
𝑖 ∫ 𝑦(𝑡)𝑠𝑖𝑛𝜔𝑡 𝑑𝑡 
𝑡1
0
   


The Fourier Amplitude Spectrum is given by: 

|𝐹(𝜔)| = √𝐴(𝜔)2 + 𝐵(𝜔)2
2
where   

𝐴(𝜔) = ∫ 𝑦(𝑡)𝑐𝑜𝑠𝜔𝑡 𝑑𝑡 
𝑡1
0
and  𝐵(𝜔) = 𝑖 ∫ 𝑦(𝑡)𝑠𝑖𝑛𝜔𝑡 𝑑𝑡 
𝑡1
0
 

Chapter 5 – Tuning hydraulic jacks for earthquake simulations 
 
92 
 
The Fourier amplitude spectra for three signals were computed using acceleration time histories, 
and the Fast Fourier Transform algorithm (FFT). These are displayed in Figure 5.4. It should be 
noted that the Fourier amplitude spectrum 𝐹(𝜔) does not uniquely define a ground motion time 
history since the phase angles between the pairs of harmonics are not included [68]. The dotted 
lines in Figure 5.4 indicate the maximum limit of frequencies of interest for structural systems 
corresponding to 40Hz. 
 
 
 
 
Figure 5.4: Fourier amplitude spectra for; (a) Duzce 1999, (b) ElCentro 1940, and (c) Tabas 1978 
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However, preliminary dynamic analyses for drive-in rack systems in particular, as shown in 
Shaheen [69] and discussed in more detail in Chapter 7, showed that the frequency range for the 
first three vibration modes is somewhere between 1.0Hz to 4.0Hz. Therefore, more attention will 
be paid to this frequency range when calibrating and tunning the hydraulic actuator. The Fourier 
amplitude spectra for the dominant frequency bandwidth of drive-in racks is shown in Figure 5.5 
and highlighted with the dotted arrows. Also, the frequencies at which the Fourier amplitude is 
maximum are summarized in Table 5.2.  
 
 
 
 
Figure 5.5: Fourier amplitude spectra for the frequency bandwidth of drive-in racks;  
(a) Duzce-180_1999, (b) ElCentro-180_1940, and (c) Tabas-LN_1978 
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Table 5.2: Frequency content characteristics of the selected waveforms for the seismic tests 
Frequency Content Duzce-180 ElCentro-
180 
Tabas-LN 
Maximum Fourier 
amplitude (mm/sec) 
124 147 319 
Frequency at max Fourier 
amplitude (Hz) 
2.34 1.2 & 1.5 1.37 
 
 
5.4 Background to the earthquake tests undertaken in the down-aisle direction 
Upon completion of the construction and commissioning of the test rig as discussed in Chapter 4, 
the rig was handed over to another PhD student Tanim Ahmed [55] to conduct seismic tests on 
drive-in racks in the down-aisle direction. Several bracing configurations were studied [24] and  a 
recommendation for the ductility factor to be used for the seismic design in the down-aisle 
directions was presented [25]. The same three earthquake signals discussed in section 5.3 were 
used for the tests in the down-aisle direction; however the signals were scaled using different 
scaling factors due to the difference in dynamic properties between the cross-aisle direction 
studied herein and the down-aisle direction. Nevertheless, the frequency content (i.e. bandwidth) 
of the three signals remained the same since it is independent of scaling the amplitudes of the 
signals. 
Considering the acceleration response of the hydraulic jack in terms of demand vs feedback (also 
referred to as input vs output) signals for the tests done in the down-aisle direction [55]  a few 
observations were found. Firstly, it was noted that the jack did not respond linearly with 
increasing or decreasing the amplitude of the earthquake signal. For instance, the peak ground 
acceleration of the input signal at scaling factors 10%, 30%, 60% and 100% were supposed to be 
0.03g, 0.10g, 0.20g, and 0.33g respectively, whereas the measured peak ground accelerations for 
the same scaling factors were 0.02g, 0.13g, 0.29g, 0.56g. The output response of the jack was 
only close to the input signal at 30% of the acceleration amplitude. This implies that the jack with 
low acceleration amplitudes (i.e. < 20%) tends to suppress the peak ground accelerations of the 
signal, whereas at higher acceleration amplitudes (i.e. > 50%) the jack tends to overshoot the 
peak ground accelerations by a factor of 1.7 from what it should be at 100% for instance. 
Figure 5.6 shows the input signal (named as “control signal”) vs the output signal (named as 
“measured signal”) as been reported in [55] for the down-aisle earthquake tests with scaling 
factors 10%, 30% and 100%. A better insight into the consequence of the overshooting behaviour 
of the output signal at higher acceleration amplitudes can be seen in Figure 5.7 which shows the 
generated acceleration response spectra of the input vs output signals as demonstrated in [25, 55] 
for different scaling factors. In the figure, the blue line represents the response spectra for the 
input signal whereas the red line shows the response spectra for the output signal. As shown, for a 
scaling ratio of 30% the acceleration spectra of the output signal was close to the input signal 
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spectra for T>0.6s, whereas for higher ratios (i.e. > 50%) the error in the signal gets substantially 
magnified especially in the high frequency zone.  
 
 
 
 
Figure 5.6: Acceleration time histories of the input vs out signals for a) 10%, b) 30%, and c) 
100% of ElCentro-180 for the down-aisle earthquake tests (Figures copied from [55]) 
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Figure 5.7: Acceleration response spectra of the input vs output signals for a) 30%, b) 60%, and 
c) 100% of ElCentro-180 for the down-aisle earthquake tests (Figures copied from [25, 55]) 
 
This behaviour would have significant impact on the drive-in rack during the earthquake tests 
because, with a small increase in the input acceleration, the jack would magnify this acceleration 
significantly,  which would make it difficult to predict the level of true acceleration applied at the 
base of the structure before running the test. Hence, the rack might fail unpredictably at a 
different load level from what is sought to be the failure load. Furthermore, when looking at the 
frequency characteristics of the input vs output acceleration signals it is seen that the jack 
significantly changes the earthquake signal behaviour. For instance at a PGA scaling ratio of 60% 
and above, the Fourier amplitude of the earthquake output signal changes to have a very different 
distribution of frequency content compared to the input signal, especially for signal acceleration 
frequencies greater than 1.0Hz. Changing the frequency content in addition to changing the PGA 
amplitudes of the earthquake input signal would make actual earthquake signal applied at the 
base of the rack a completely different one from that assumed to be applied. 
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Figure 5.8: Fourier spectra of the input vs out signals for a) 30%, b) 60%, and c) 100% of 
ElCentro-180 for the down-aisle earthquake tests (Figure copied from [25, 55])  
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Another observation was made in regards to the jack feedback position when compared to the 
desired position as per the earthquake input signal for the down-aisle tests. As shown in Figure 
5.9, the position feedback signal (presented by the red line) does not show a good match with the 
demand signal (presented by the blue line). For instance, up to 5.8 seconds of the test, the jack 
underestimated the displacement response such that the measured displacement was smaller than 
the control signal, whereas at 5.8 seconds onwards the jack tended to overestimate the control 
displacement signal. However, similar plots obtained during the commissioning of the rig, as 
discussed in Chapter 4 and displayed in Figure 4.46, for the input vs output displacement curves 
using different earthquake signals showed the two curves were almost identical throughout the 
entire time history. Therefore, it was not clear why the signals used during the down-aisle tests 
did not coincide. 
It is important to note that the previous observations regarding the discrepancies in the 
acceleration, displacement, and frequency content of the output signals were all interrelated, and 
mainly depended on how accurately the jack had been tuned before the tests to produce feedback 
signals close to the input ones. The next section discusses the tuning made to the jack control 
parameters to improve the accuracy of the jack in terms of acceleration response for the tests in 
the cross-aisle direction. 
 
 
 
Figure 5.9: Displacement time history of the input vs out signals for a) 10%, and b) 100% of 
ElCentro-180 for the down-aisle earthquake tests (Figure copied from [25, 55])  
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5.5 Non-destructive tests for calibrating the hydraulic jack 
To understand the reasons behind the discrepancies between the input and output earthquake 
signals (as discussed in the previous section), different sets of non-destructive tests were carried 
out to examine the performance of the test rig as a whole and the hydraulic jack. The primary 
objective of these tests was to calibrate the jack control parameters, such that the measured 
feedback jack signal was as close as possible to the earthquake input signal given to the actuator 
(i.e. the actual excitation was close to the intended excitation). 
As shown in Figure 5.10, a hydraulic jack with a capacity of 600kN and 800mm stroke for a 
travel range of ±400mm had been installed. The jack was connected to two accumulators (for the 
supply and return lines) which were responsible for regulating the oil flow through a series of 
servo-valves connected to the jack. The actuator and valves were designed by CMA Electro 
Hydraulics. For conducting an earthquake test the steps were as follows: (1) each signal would be 
uploaded using the PC Master Software developed by CMA Electro Hydraulics Engineers, (2) 
the earthquake signal would be transformed to the controller unit which transformed the input 
signal to a position demand waveform, (3) the controller unit with predefined control parameters 
operated the servo-valves attached to the jack which in turn regulated the oil flow with the aid of 
the oil accumulators, and (4) this lead to the expansion and contraction of the jack piston to 
match with demand signal. Upon completion, a new signal could be uploaded for conducting a 
different test in lieu the previous data saved in the controller. This sequence is schematically 
shown in Figure 5.11. 
 
  
  
Figure 5.10: Hydraulic jack setup for the non-destructive earthquake calibration tests; 
(a) Jack and accumulators, (b) servo valves 
 
(a) (b) 
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Figure 5.11: Schematic diagram for steps taken to conduct an earthquake test. 
 
Multiple sets of non-destructive tests were undertaken on the jack itself while disconnected from 
the test rig. The first set included tests consisting of giving the servo valves abrupt small signal 
(+10% drive pulse, and -10% pulse), with the force feedback recording the subsequence force 
bouncing. These tests showed that the jack had a number of resonant frequencies as shown in 
Figure 5.12. The plot shows one resonant frequency slightly slower than 1Hz, and another faster 
one around 4~5 Hz. This clarified that the problem existed in the earthquake test signals used 
during the down-aisle tests. Firstly, natural frequency tests for the drive-in rack tested in the 
down-aisle direction with configuration 3 for the spine bracings [24] showed that the rack had a 
natural frequency of 1.04Hz which is almost identical to one of the resonant frequencies in the 
system. Secondly, the earthquake waveforms as shown in Figure 5.8 had a significant component 
frequency around 5.5Hz that was exciting a resonant frequency close to this value in the cylinder 
oil column of the jack itself. These two factors partly contributed to the amplification of the jack 
acceleration. To overcome this, a mathematical damping filter was implemented and tuned. At 
the end of this task, plots of the system running a 4Hz +/-5mm amplitude sine wave were 
recorded. Without the damping filter the jack would move through a displacement of 10.7mm, 
and with the damping filter the displacement dropped to around 8mm. Consequently, the system 
was effectively damped when operating in the 4-5Hz frequency region, which would reduce the 
unintended acceleration peaks. 
Another set of tests was completed on the jack using sine wave signals with different frequencies 
ranging from 2Hz up to 5Hz. The key finding when undertaking these tests was that the valves 
responded as if they were a single small valve at low command signals, and then responded faster 
at higher command signals leading to a “dual flow” behaviour in the response of the valves. The 
1 2 
3 4 
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low flow gain at small signal meant that as the piston decelerated to a turn-around point it pulled 
up faster than intended with a resulting excessive acceleration needed to make up for the delay as 
shown in Figure 5.13. The figure shows the acceleration response for a 4Hz sine-wave signal 
with a theoretical peak acceleration of 3160mm/sec
2
; however the measured response of the jack 
had double maxima with a much higher peak acceleration (~4500mm/sec
2
) instead of being a 
smooth sine-wave curve capped at 3160mm/sec
2
. 
 
 
 
Figure 5.12: Resonant frequencies in the hydraulic jack. 
 
 
 
 
Figure 5.13: Dual flow behaviour of the hydraulic jack with double bump accelerations. 
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To investigate the impact of this response of the jack to an earthquake excitation, different 
earthquake tests using the three earthquake waveforms, namely Duzce, ElCentro, and Tabas, and 
different scaling factors were carried out on the disconnected jack (Case1). Also, to understand 
what would be the effect when the jack is loaded with a mass, the jack was tested under the same 
earthquake signals when connected to the empty rig (i.e. mass~4tons) (Case2), and with the rig 
fully loaded with ~58tons of concrete blocks (Case3). Table 5.3 summarizes the different non-
destructive earthquake tests carried out for calibrating the jack in the three cases of loading. The 
demand vs feedback response waveforms for the peak tests are demonstrated in Figures 5.14 to 
5.16 for case1, in Figures 5.17 to 5.19 for case2, and in Figures 5.20 to 5.22 for case3. It can be 
seen that for all signals the jack was capable of following the demand displacement signal with 
good accuracy (i.e. negligible visible error). However, when determining the first and second 
derivatives of the displacement curve of each signal, it can be seen that the offset between the 
demand and feedback curves becomes more pronounced for the velocity response, and 
significantly magnified for the acceleration response. A further observation is that the jack 
response was sensitive to the level of mass added to the rig especially for the fully loaded case. 
The more mass added the lower the band of frequencies the jack could produce with accuracy. 
From these observations, it can be envisaged that the main parameter that will determine the 
accuracy of the hydraulic jack is its ability to produce the same level of accelerations as the input 
signal in the frequency band of greatest importance, whereas tunning only the jack to obtain 
similar displacement would be insufficient. 
 
 
Table 5.3: Non-destructive earthquake tests for calibrating and tuning the jack 
Non-destructive 
earthquake tests 
Signal scaling 
ratio % 
Duzce-180 ElCentro-
180 
Tabas-LN 
Jack disconnected for 
the rig 
 
10 
30 
50 
75 
100 
125 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Jack connected to the 
empty rig (4tons) 
 
10 
30 
50 
75 
100 
125 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Jack connected to a 
fully loaded rig with 
58tons 
 
10 
30 
50 
75 
100 
125 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
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Figure 5.14: Non-destructive seismic tests with Duzce_125% - jack disconnected from the rig 
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Figure 5.15: Non-destructive seismic tests with ElCentro_100% - jack disconnected from the rig 
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Figure 5.16: Non-destructive seismic tests with Tabas_100% - jack disconnected from the rig 
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Figure 5.17: Non-destructive seismic tests with Duzce_125% - empty rig 
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Figure 5.18: Non-destructive seismic tests with ElCentro_100% - empty rig 
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Figure 5.19: Non-destructive seismic tests with Tabas_100% - empty rig 
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Figure 5.20: Non-destructive seismic tests with Duzce_125% - fully loaded rig 
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Figure 5.21: Non-destructive seismic tests with ElCentro_125% - fully loaded rig 
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Figure 5.22: Non-destructive seismic tests with Tabas_100% - fully loaded rig  
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5.6 Tuning of the hydraulic jack 
The chosen wave forms presented real challenges to the servo control system due to the limited 
frequency response and power the system could provide. In response, sophisticated control 
methods and waveform specific tuning were applied to optimize performance for each earthquake 
signal. The performance of the system was primarily assessed on how well it could reproduce the 
demand waveform, with particular focus on the acceleration component of the waveform. For 
each waveform, the applied actual versus demand positive and negative peak accelerations were 
of particular interest. 
It was noted that the wave frequency at which the acceleration peaks occurred differed greatly 
between waveforms, and even within a particular waveform. For example, the ElCentro 
waveform had low negative frequency peaks but high positive frequency peaks (Figure 5.1b). 
When a waveform included rapid transitions from low to high frequencies, acceleration overshoot 
could occur as the system struggled to follow the rapidly changing acceleration profile. 
Therefore, an extensive tuning process was carried out in order to improve the performance of the 
jack and reduce the error signal to minimum. Software developed by CMA engineers was used 
for the tuning, which included features like proportional gain, velocity feedforward control, 
directional gain, and dynamic damping. The proportional gain feature functioned as the primary 
closed loop control mechanism. It operated on the position error in the control loop (i.e. 
difference between instantaneous demand and actual position). The velocity feedforward control 
feature was part of a predictive algorithm that considered the velocity component of the demand 
waveform and sent a proportionate signal directly to the valve to increase the frequency response. 
Hence, it functioned as an open loop mechanism. The directional gain feature was used to 
amplify or depower the response of the system when moving in the negative direction compared 
with the positive direction, or vice versa. The parameter was set during tuning based on the 
steady state cylinder speed when extending compared with retracting the ram. The dynamic 
damping feature used force feedback to indicate when the rate of change of acceleration was 
becoming excessive, allowing the valve drive to be ‘softened’. 
 
5.6.1 Tuning tests on of the hydraulic jack when disconnected from the rig 
With the new software developed by CMA, another set of non-destructive sine wave tests were 
carried out on the disconnected jack with various frequencies varying from 2Hz up to 4Hz, in 
addition to multiple non-destructive earthquake tests, as summarized in Table 5.4, with numerous 
trials on error loops to find the best combinations of the tuning parameters to control the jack. 
The ultimate goals from these test were firstly to be able to control the jack such that it responded 
linearly with the same rate of increase as the input signal, secondly to preserve the frequency 
content and bandwidth of the input signals, and thirdly to avoid the excessive peak accelerations. 
The later goal was particularly important because the rack structure in the cross-aisle direction is 
much stiffer than in the down-aisle direction with a fundamental period of approximately 2.45Hz 
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for the former (i.e To~0.4sec), which places the structure in the most critical zone of the 
acceleration response spectrum (i.e. the high frequency zone) as shown in Figure 5.7. 
 
Table 5.4: Non-destructive earthquake tests for calibrating and tuning the jack with the new 
software by CMA 
Non-destructive 
earthquake tests 
Signal scaling 
ratio % 
Duzce-180 ElCentro-180 Tabas-LN 
Jack disconnected 
from the rig 
 
30 
45 
60 
90 
 
 
 
 
 
 
 
 
 
 
 
 
 
In tuning the hydraulic jack, the proportional gain feature was adjusted such that it equated to an 
equivalent first order (low pass) response of ~6Hz. The optimal value for the velocity 
feedforward control feature at higher speeds during tuning was found to be 1300. This optimal 
value worked well across all frequencies up to valve response frequencies greater than 20Hz. 
However, it had significantly reduced effect at low velocities (< ~60mm/sec) due to spool 
leakage. Figure 5.23 shows the jack response to the 4Hz sine waveform as a result of the tuning. 
It can be seen that the jack response (feedback signal) was capable of following the input signal 
with good accuracy. The key achievement was that the jack did not excessively increase the 
acceleration response when reversing and changing directions, contrary to the behaviour 
demonstrated in Figure 5.13. 
The response of the jack to earthquake signals as a result of the tuning is shown in Figure 5.24 for 
Duzce-180 waveform. As shown in the figure, the acceleration response of the jack was 
significantly improved when compared to the behaviour shown in Figures 5.17 and 5.20. 
Specially, the feedback signal was capable of following the demand signal with great accuracy in  
 
 
Figure 5.23: Jack response to sine waveform after tuning. 
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Figure 5.24: Acceleration response of the disconnected jack after tuning with Duzce-180 
waveform. 
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terms of acceleration amplitudes and phase throughout the entire history. Secondly, the jack 
maintained a better control over the acceleration response by keeping the peaks close to those of 
the input signal with no excessive overshooting. In addition, the response of the jack became 
more stable and less sensitive to low or high scaling factors, contrary to the behaviour shown in 
Figure 5.6. 
Another significant improvement in the jack behaviour is demonstrated by the V-curve shown in 
Figure 5.25, which indicates that the jack response (PGA) increased linearly with the rate of 
increase in the input signal which could not be achieved in the previous tests [25, 55]. This was 
of a great importance especially when running the final seismic tests on the rack structure 
because it made it possible to accurately estimate what would be the accelerations applied on the 
structure before running the test, hence enabling accurate decisions about the expected failure 
load to be made, including decisions about when to terminate the test before reaching an ultimate 
limit state of undesired complete collapse. In the Figure 5.25, the positive and negative peak 
ground accelerations were recorded for the demand and feedback signals at increasing scaling 
ratios. With several iterations of tuning the jack control parameters, it was possible to achieve 
close agreement between the signals in the positive peak acceleration range, whereas for the 
negative peaks there was a slight decrease in the feedback signal when compared to the demand 
signal. To understand the sensitivity of the overall response of the jack due to this slight excess in 
peak ground acceleration, the response spectra diagrams for feedback vs demand signals were 
constructed as shown in Figure 5.26. As shown in the figure the two curves have excellent 
agreement throughout the different fundamental periods (and hence frequencies) and particularly 
the high frequency constant acceleration zone. However, a small increase in the feedback 
spectrum is shown at about T=0.33 seconds (3.0Hz) but considered to be insignificant. Also, as 
shown in the figure the behaviour of the jack remained stable and increased linearly with the 
same rate of increase in the input load as demonstrated by the different scaling factors. This 
agrees with the previous findings shown in Figure 5.24 and 5.25. 
  
 
Figure 5.25: Acceleration response of the disconnected jack after tuning with Duzce-180 
waveform using different scaling ratios
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Figure 5.26: Acceleration response spectra of the disconnected jack after tuning with Duzce-180 
waveform using different scaling ratios 
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Another measure to examine the accuracy of the jack tuning was the frequency content of the 
feedback signal which was compromised in the previous tests as highlighted in Figure 5.8. Plots 
of the Fourier amplitude spectra which compare the frequency characteristics between the 
feedback and demand signals are shown in Figure 5.27. As shown, the jack was capable of 
preserving both the frequency content and Fourier amplitudes of the demand signal with great 
accuracy across the entire frequency bandwidth of interest (i.e. between 1.0Hz to 4.0Hz). This 
achievement manifested itself with the different scaling ratios as shown for the 30%, 45%, and 
60% of Duzce signals. 
As part of the tuning process, it was necessary to understand the actuator-rack dynamic 
interaction, and the impact that each component had on one another. This was useful because it 
helped in making the decision whether the tuning of the jack alone provided the desired accuracy, 
or more tunning iterations were still required. To gain this understanding, 3D FE models (which 
will be discussed in greater detail in Chapter 7) were created for the different drive-in rack 
configurations studied in this project to determine the frequency domain of the structure along its 
global axes. Hence, natural frequency analyses were carried to extract the eigenvalues of the 
system and the fundamental modes of vibration as shown in Figure 5.28 for the fully loaded 
configuration. The first two fundamental modes were translational modes in the global directions 
with mode 1 being in the down-aisle direction with a period of ~0.7sec (with top to bottom spine 
diagonals), and mode 2 being in the cross-aisle direction with a period of ~0.4sec (standard frame 
diagonal bracings). The third fundamental mode was the rotational mode with a period of 
~0.3sec. From this analysis it was deduced that the frequency range of the structure in the three 
directions varied between 1.4Hz ~ 3.3Hz. It should be noticed that these values were for the 
undeformed (i.e. undamaged) fully loaded structure, which meant they would be the highest 
values that could be achieved in the system. That is, when the structure experienced increasing 
levels of damage during consecutive earthquake tests, the structure would soften, leading to an 
increase in the periods of vibration (i.e. a reduction in the natural frequencies).  
The response of the jack to the other seismic signals was studied as well to verify that the 
previous outcomes are applicable to a range of different signals with different frequencies and 
amplitudes. Figures 5.29 & 5.30 show the acceleration response spectra for the disconnected jack 
using ElCentro and Tabas earthquake signals respectively. As shown in the figures, the feedback 
acceleration response spectrum is almost identical to the demand spectrum except for the very 
short period (i.e. high frequency) range less than 0.24sec (or freq. > 4.2Hz) which is highlighted 
by the dotted line in the figures. However, this very short period region is outside the zone of 
interest because the dominant frequencies that control the rack response are < 4.2Hz as 
demonstrated in Figure 5.28, implying that high accelerations at very high frequencies will have 
negligible effect on the structural response during the earthquake event. 
Figures 5.31 & 5.32 demonstrate the Fourier amplitude spectra curves for the ElCentro-180 and 
Tabas-LN signals respectively. As shown, the feedback vs demand frequency characteristics are 
in very good agreement up to 5.0Hz. However, for frequencies higher than 5.0Hz the jack was 
less capable of tracking the high frequency of the demand signal. 
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Figure 5.27: Fourier amplitude spectra of the disconnected jack after tuning with Duzce-180 
waveform using different scaling ratios 
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There are several complexities when tuning a system like this because higher order frequencies, 
particularly when they have low damping, form a limit to the gain that can be applied. This 
directly limits the system’s bandwidth (ability to accurately respond at higher frequencies). In 
addition, when the complete jacking and racking system was first considered it was expected that 
there would be a limit to its frequency response, most particularly because of the long stroke of 
the actuator (800mm) which implied a  relatively flexible oil column, and therefore a lower 
bandwidth. However, for the purpose of this research and considering the dynamic properties of 
the structure studied, it can be concluded, see Figure 5.27, that the tuning of jack was reasonably 
accurate to produce feedback signals that would have the same effect as the theoretical demand 
signals on the rack structure. Another testimony to the achieved improvement is the comparison 
between the responses of the jack after tunning as shown in Figure 5.29 with that shown in Figure 
5.7, in addition to the comparison between the frequency responses shown in Figure 5.31 for the 
jack after tuning and Figure 5.8 for the previous tests [25, 55]. 
 
 
         
       
   
Figure 5.28: Free vibration mode shapes for the drive-in rack 
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Figure 5.29: Acceleration response spectra of the disconnected jack after tuning with 
ElCentro-180 waveform using different scaling ratios 
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Figure 5.30: Acceleration response spectra of the disconnected jack after tuning with Tabas-LN 
waveform using different scaling ratios 
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Figure 5.31: Fourier amplitude spectra of the disconnected jack after tuning with ElCentro-180 
waveform using different scaling ratios 
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Figure 5.32: Fourier amplitude spectra of the disconnected jack after tuning with Tabas-LN 
waveform using different scaling ratios 
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5.6.2 Tuning tests on the hydraulic jack when attached to the rig with a fully 
assembled and fully loaded rack 
As discussed in the previous section, the disconnected jack was calibrated and tuned using 
different non-destructive tests to achieve an acceptable accuracy between the feedback and 
demand signals. However, as found from the test results shown in Section 5.5, the jack response 
was dependent on the level of mass connected to the jack. Therefore, another set of earthquake 
tests were carried out on the jack. In these tests, the rack structure was completely built and fully 
loaded with 27 concrete blocks as shown in Figure 5.33 with a total mass of about 59tons 
including the self-weight of the rack and the rig. For this set of tests the jack was loaded 
incrementally only up to a maximum of 30% of the PGA of the three earthquakes in order to 
avoid any permanent damage in the rack and to keep the stresses in all rack members in the 
elastic range of the material. Table 5.5 summarizes the different earthquake tests carried out on 
the fully loaded rack for tuning the jack.  
 
 
Figure 5.33: Fully assembled and fully loaded drive-in rack 
 
Table 5.5: Non-destructive earthquake tests for calibrating and tuning the fully loaded jack 
Non-destructive 
earthquake tests 
Signal scaling 
ratio % 
Duzce-180 ElCentro-180 Tabas-LN 
Jack connected to a fully 
loaded rack with 58tons 
 
10 
15 
20 
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 
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 
 
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The tuning parameters determined during the calibration of the jack when disconnected from the 
rig (section 5.6.1) were used as a starting point for tuning the jack with the rack built. For some 
signals the parameters were found to give reasonable accuracy while others needed some 
adjustments. This was mainly due to the ~2.45 Hz sway motion (second mode response) of the 
loaded rack on the platform which resulted in a reaction force applied to the actuator that acted as 
a disturbance to the control loop, sometimes working with and at other times opposing the 
instantaneous applied load. 
Figure 5.34 demonstrates plots of the response spectra analyses results of the demand and 
feedback signals for the three waveforms at their maximum applied scaling factor. As shown, 
except for the high frequency region (i.e. > 4.2Hz), the response of the jack is in excellent 
agreement with the input signal throughout the entire range, such that for three earthquake signals 
the jack was able to closely follow the demand acceleration response without any overshooting. 
The key observation to make in the high frequency zone is that even when the jack could not 
match the demand acceleration, it did not overshoot the acceleration response, as observed 
without tuning, see Figure 5.8. In addition, the free vibration frequency analysis of the structure 
showed that the structure’s dominant frequencies for the three fundamental modes fell between 
1.4Hz~3.3Hz (Figure 5.28). This indicates that the offset between the demand and feedback 
signals in the high frequency range (>4.2Hz) would have negligible effect on the overall response 
of the structure. 
Furthermore, the Fourier analysis spectra for the three earthquakes are plotted as demonstrated in 
Figure 5.35. The plots show that the jack was successfully tuned to maintain the frequency 
content and amplitude for a reasonable bandwidth up to 5.0Hz that covers the three dominant 
frequencies of the rack structure. For higher frequencies (> 5.0Hz) the jack was unable to track 
the speed of the demand wave form due to the limitation of the system capacity as discussed 
earlier, nevertheless this should not have any significant impact on the accuracy of the tests. 
Also, as a final check it was necessary to check the displacement response of the jack with the 
demand position waveforms. The jack was successfully following the demand signal for the three 
earthquakes with good displacement accuracy with no separation at any point across the entire 
time history as shown in Figure 5.36. 
To conclude, different non-destructive seismic and non-seismic tests were carried out on the jack 
when disconnected from the rig, while others were carried out on the jack when connected to the 
rig without loads, and others with the jack connected to the rig with the rack structure fully 
assembled and fully loaded. At every stage the effect of the jack control parameters were 
monitored, assessed, and if required readjusted to control the jack response and minimize the 
error between the input and output signals. As a consequence of this comprehensive testing 
procedure the jack was effectively tuned to produce feedback signals with great accuracy when 
compared to the demand signals (including near fault events) for both peak ground acceleration 
and frequency content. 
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Figure 5.34: Acceleration response spectra of the connected fully loaded jack after tuning using 
different waveforms; (a) Duzce 30%, (b) ElCentro 20%, (c) Tabas 20% 
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Figure 5.35: Fourier amplitude spectra of the connected fully loaded jack after tuning using 
different waveforms; (a) Duzce 20%, (b) ElCentro 20%, (c) Tabas 20% 
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Figure 5.36: Displacement response of the connected fully loaded jack after tuning using 
different waveforms; (a) Duzce 30% (b) ElCentro 20%, (c) Tabas 20%  
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CHAPTER 6 
 
SELECTION AND SCALING OF EARTHQUAKE 
RECORDS FOR SEISMIC SIMULATIONS AND TIME 
HISTORY ANALYSES 
 
6.1 Introduction 
Since the seismic response of structures primarily depends on the characteristics of the ground 
motion at the site location, many design standards require appropriate selection of ground 
motions from events that have magnitudes, fault distance, and source mechanisms that are 
consistent with those that control the maximum considered earthquake. This chapter discusses the 
work undertaken for selecting the earthquake signals, and the modifications made to these signals 
to match the code desired response spectrum. 
  
6.2 Selection of the earthquake signals 
For time history analyses, the earthquake loads are imposed by recorded acceleration time 
histories serving as input to (linear or nonlinear) dynamic analyses. Input motions have to be 
selected so as to represent regional seismicity and must conform to expected (design) 
earthquakes. In other words, real records have to feature anticipated earthquake characteristics in 
order to be used in the framework of transient dynamic analysis. There are many different 
approaches for selecting earthquake records proposed in the literature; however, two of them are 
considered the most widely used. The first approach is the earthquake record selection based on 
earthquake magnitude (M) and distance (R) [70-72]. A selection criterion complementing both 
earthquake magnitude and distance in the search window is the actual soil profile (S) at the site of 
interest, leading to (M, R, S) record sets [71, 73]. In order to introduce the soil profile into the 
selection process, site classification and strong reliable ground motion records must be available. 
Site classification may be achieved either by using the shear wave velocity of the uppermost 30m 
(VS,30) as a suitable metric for site classification, or alternatively the classification can be done 
according to the seismic code provisions and well-established soil categorization schemes. Apart 
from the soil profile, strong-motion duration constitutes a complementary criterion for the 
selection of real earthquake records. The duration of ground shaking is typically controlled by the 
duration of the fault rupture [74]. Indeed, strong motion duration affects various types of damage 
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indices in different ways. More specifically, damage measures based on peak acceleration 
response do not depend on duration, while damage measures such as absorbed hysteresis energy 
and fatigue damage are correlated with this particular parameter [75]. 
The second approach to record selection is based on spectral matching [76-79]. In this approach 
the selection of real accelerograms is often performed on the basis of compatibility between site 
specific response spectra and a corresponding “target” spectrum as defined by code provisions. 
Spectral matching is the most commonly proposed earthquake record selection method by 
seismic codes and, as such, can be utilized in the framework of both force-based and 
performance-based design. Spectral matching is usually considered a second-level selection 
criterion, following an initial selection based on magnitude and distance. When spectral matching 
is sought within a seismic code framework, the target spectrum is the elastic (or design) 
spectrum. 
 
6.3 Seismic code provisions for selecting earthquake records 
National seismic codes prescribe general guidelines but do not provide specific provisions for 
selecting the type of earthquake records required for nonlinear dynamic analysis purposes. 
However, it appears to be generally agreed that chosen acceleration time histories, whether 
recorded, artificial, or synthetic, should be compatible with the code-prescribed smooth design 
spectrum. Most contemporary seismic codes, such as AS1170.4 [80], Eurocode8 [63, 81], ASCE 
standards 7-05 [82] and  4-98 [83] , FEMA regulations [84], New Zealand Standards [62], and 
Greek Seismic Code [85], describe relatively similar procedures for the simulation of seismic 
actions to be used as dynamic loading on structures. All emphasize on the importance of 
insightful selection of the earthquake records so that they possess the same characteristics of the 
ground motion at the site location in terms of magnitude, distance to source, and rupture 
mechanism.  
Most frequently, seismic motions can be represented by real, artificial or even simulated records, 
while some important seismological parameters, such as earthquake magnitude, distance, the 
tectonic environment and the local soil conditions, should reflect the local seismic conditions. 
Nevertheless, some differences between the codes on strong motion representation remain. For 
example, the New Zealand Standards NZS 1170.5 [62] allow use of real records only, and if 
appropriate ground motion records are not available then simulated ground motion records may 
be used, while EC8 [63, 81] leaves this choice to the structural engineer. A further difference 
between the codes is in relation to the minimum number specified of earthquake records to be 
used in the time history analysis. For instance, ASCE 4-89 [83] specifies that at least one record 
should be used unless the structure is sensitive to long period motion, whereas NZS 1170.5 [62] 
and ASCE/SEI 41-06 [86] require to use at least three earthquakes from which the most 
unfavourable response is to be used for design. The Eurocode8 [63] suggests to use seven or 
more earthquake signals and the average response would be assumed appropriate for design. 
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However, other recommendations such as FEMA P695 [65] which requires a combination of 
earthquakes that consists of 44 different ground motions when using nonlinear time history 
analysis for determining the collapse margin of the structure studied. The 44 different ground 
motions recommended by FEMA P695 are for loss estimation studies when a detailed spectrum 
of performance for the system being analysed is required. This is quite different to using time 
history analysis for design to determine the maximum inelastic demand, when between 3 and 7 
records are needed.  
 
6.4 Seismic code provisions for scaling earthquake records 
Most contemporary design codes describe relatively similar procedures for scaling earthquake 
records in order to match the specific code target design spectrum. However, there are differences 
in the extent of the period range for which the spectral matching is sought. For instance, the 
American standard ASCE/SEI 7-05 [82] requires the scaling to be done over a period range of 0.2 
to 1.5 times the fundamental period of the structure in the direction under consideration. It also 
requires that for each pair of horizontal ground motion components, a square root of the sum of 
the squares (SRSS) spectrum shall be constructed by taking the SRSS of the 5 percent damped 
response spectra for the scaled components (where an identical scale factor is applied to both 
components of a pair). Each pair of motions shall be scaled such that for a period between 0.2T 
and 1.5T, the average of the SRSS spectra from all horizontal component pairs does not fall 
below 1.3 times the corresponding ordinate of the design response spectrum by more than 10 
percent.  
Eurocode8 [63] requires the scaling to be done over a period range of 0.2 to 2.0 times the 
fundamental period of the structure in the direction under consideration. It also requires that 
within this range (i.e. 0.2T and 2.0T) no value of the mean 5% damping elastic spectrum, 
calculated from all time histories, should be less than 90% of the corresponding value of the 5% 
damping elastic response spectrum. The New Zealand standard  [62] requires the spectral scaling 
to be done over a period range of 0.4 to 1.3 times the fundamental period of the structure in the 
direction under consideration. The standard uses the scaling factors K1 for scaling the earthquake 
record which minimizes in a least square sense the function log(K1 SAcomponent / SAtarget).      
The previous discussion shows that there are many differences between the current codes in 
regards to the number of earthquake records to be used, the period range of interest for scaling 
the earthquake records, and the acceptance criteria for matching the record acceleration spectrum 
with the code target spectrum. In this research project the focus of the study was the behaviour of 
drive-in storage racks constructed at different sites in New Zealand, therefore the 
recommendations of NZS1170.5 [62] for scaling the earthquake records were adopted and 
discussed in more details in the following section. 
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6.5 Ground motion records for time history analysis according to NZS1170.5:2004 
According to NZS1170.5:2004 [62], when earthquake ground motion records are used for time 
history analysis to determine maximum member forces or system displacement demands, then the 
records shall consist of a family of not less than three records. The Standard also requires that 
each record shall consist of at least the two horizontal acceleration components in addition to a 
vertical. However, it stipulates that if the structure (or part of it) is not sensitive to the vertical 
accelerations then the vertical component of the earthquake record can be excluded from the 
simulation.  
According the Standard, the earthquake acceleration records shall be scaled (or modified) by two 
factors namely k1 and k2. The k1 factor is used to scale up (or down) each acceleration record so 
that each record matches the target spectrum over the period range of interest. The target 
spectrum is the acceleration spectrum appropriate for the site and the limit state of the structure 
under consideration, which is typically the elastic or design spectrum. Each record within the 
family of records is then to be scaled by the family scale factor, k2 which is applied to ensure that 
the energy content of at least one record in the family exceeds that of the design spectrum over 
the target period range. As most structures do not have the same fundamental period in different 
directions, the period range of interest will vary in different directions (recall Figure 5.29). 
Therefore, as will be shown in the following sections, both the record scale factor, k1 and the 
family scale factor, k2 will be different for different directions. 
Moreover, when the site is near a major fault, NZS1170.5:2004 stipulates that one record in three 
in each family selected shall have a forward directivity component, while the remainder of the 
family shall be of near-neutral or backwards directivity. 
 
6.5.1 Selection of earthquake records according to NZS1170.5:2004 
NZS 1170.5:2004 [62] defines a criterion for selecting ground motion records for time-history 
analysis. It is mainly based on similarity between the seismological signature of earthquakes used 
for the analysis and those that are expected to be encountered at a given location. The standard 
states in section 5.5.1 that “the ground motion records shall be selected from actual records that 
have a seismological signature (i.e. magnitude, source characteristic (including fault mechanism) 
and source-to-site distance) the same as (or reasonably consistent with) the signature of the 
events that significantly contributed to the target design spectra of the site over the period range 
of interest”. It also states that “the ground motion is to have been recorded by an instrument 
located at a site, the soil conditions of which are the same as (or reasonably consistent with) the 
soil conditions at the site”. Since it is not always possible to find three actual records that satisfy 
all of the above criteria, the code permits to develop synthetic ground motion records that meet 
most of these requirements so as to make up the family. 
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To comply with the selection requirements in NZS1170.5:2004 [62] , several earthquake records 
from the suites of records presented in Oyarzo et al. [66] have been chosen. In his research, 
Oyarzo divided New Zealand into several seismological hazard zones (Figure 6.1) based on the 
mapping of the Hazard Factor presented in NZS 1170.5:2004, and fault mechanisms. 
Accordingly, Oyarzo defined site zones that had comparable conditions of seismic hazard, fault 
mechanism, and earthquake history (seismological signature). The specific hazard condition of 
each site in each zone is considered by scaling the records and matching the record response 
spectra with the site target spectra defined in the Standard. As a result, Oyarzo proposed a suite of 
records for use which satisfy the requirements defined in the Standard when conducting time-
history analysis for structures built in the Northern island of New Zealand. 
 
 
 
 
Figure 6.1: Seismic zones for time history analysis in the North Island of New Zealand 
 
 
Ten earthquake records were chosen as listed in Table 6.1, with Kocaeli_Turkey, Tabas_Iran, 
Landers_USA, and Chi-Chi_Taiwan being near fault earthquakes. Also, different soil classes as 
per NZS1170.5 where chosen (Soil type C and D) when selecting the earthquake records. As 
shown and listed in the table, the earthquake records selected are based on actual recordings of 
seismic events at various locations around the world. For each earthquake record horizontal 
acceleration components were considered, and were downloaded from the PEER ground motion 
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database [67]. Figure 6.2 shows the acceleration time history for a few earthquake records in one 
horizontal direction only, while the rest of the records with the two horizontal direction 
components are shown in Appendix C. The acceleration time histories shown are for the unscaled 
signals with the original time span for each signal as recorded by PEER ground motion database. 
However, regarding the vertical acceleration component, the lateral response of drive-in racks 
studied in this project is believed not to be sensitive to vertical excitations. Therefore, as 
permitted by the Standard, the vertical excitation was ignored in the seismic simulation. 
It should be noted that after the devastating Christchurch earthquake strike in 2011 the 
Christchurch earthquake was changed to be a near fault event in terms of the characteristics of the 
record. This is not recognised in NZS1170.5 because the location of the fault lines causing each 
of the significant earthquakes in the series were not known prior to their rupturing. 
 
Table 6.1: Selected earthquake records in compliance with NZS1170.5:2004. 
Record Name Station Date 
Magnitude 
(Mw) 
Mechanism 
Near 
Fault* 
Kocaeli 
Turkey 
Arcelik 17/08/1999 7.51 Strike Slip  
Christchurch 
New Zealand 
Christchurch 
Botanical Gardens 
21/02/2011 6.2 
Reverse 
Oblique 
× 
Loma Prieta 
USA 
Fremont - Mission 
San Jose 
18/10/1989 6.93 
Reverse 
Oblique 
× 
Duzce 
Turkey 
Duzce 12/11/1999 7.14 Strike Slip × 
El Centro-180 
Imperial Valley, 
USA 
117 El Centro 
Array #9 
19/05/1940 7.0 Strike Slip × 
Tabas-L1 
Iran 
Tabas 16/09/1978 7.35 Reverse  
Landers 
USA 
Lucerne 28/06/01992 7.28 strike slip  
New Zealand-02 
New Zealand 
Matahina Dam 02/031987 6.6 Normal × 
Kern County Taft Lincoln School 21/071952 7.36 Reverse × 
Chi-Chi 
Taiwan 
TCU051 20/09/1999 7.62 
Reverse 
Oblique 
 
*NZS1170.5:2004 requires at least one record in a family of 3 records to be a near fault earthquake. 
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Figure 6.2: Unscaled acceleration time histories for the selected earthquake records in compliance 
with NZS1170.5:2004; (a) Kocaeli_Turkey, (b) Christchurch_New Zealand, and 
(c) Loma  Prieta_USA 
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Figure 6.2 (continued): Unscaled acceleration time histories for the selected earthquake records in 
compliance with NZS1170.5:2004; (d) Landers_USA, (e) New Zealand-02_New Zealand, and 
(f) Chi- Chi_Taiwan 
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6.5.2 Scaling of earthquake records according to NZS1170.5:2004 
The scaling procedures in NZS1170.5  [62] are established to ensure the ground motion records 
selected match those intended for design in New Zealand as reflected in the published design 
spectra. Moreover, it is necessary to ensure that each record is applied to the building in a manner 
which reflects the most adverse conditions within the building. The procedure outlined in 
section 5.5.2 of the Standard matches (as nearly as practicable) the target design spectrum with 
the more severe component of each ground motion. The target spectrum according to 
section 5.5.2 in NZS1170.5:2004 is defined as follows: 
 
 
 
SAtarget  =   
1 + SP
2
  C(T)     (6.1) 
 
 
Where: 
C(T) = elastic site hazard spectrum 
Sp = structural performance factor given by Clause 4.4.2 in the standard. 
 
The reduction of the elastic site spectra by the factor (Sp + 1)/2 to obtain the target spectra 
acknowledges that system effects are also present within the actual structure that are not 
accounted for within the engineering model. Such effects, in combination with the requirement 
that the model be considered under the combined orthogonal ground motions of the selected 
records, is expected to result in computer demands and displacements that align more closely to 
those expected in service. 
 
 
6.5.2.1 Determination of the elastic site response spectrum 
NZS1170.5:2004 determines the elastic site hazard spectrum, C(T1), using the following 
equation: 
 
C(T1) = Cℎ(𝑇1) . Z . R𝑢 . N(T , D)    (6.2) 
 
a) Determination of the spectral shape factor Ch(T) 
The spectral shape factor, Ch(T1), shall be determined for the site subsoil class and rack first 
mode fundamental period, T1, with taking into account the direction being considered (i.e. down-
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aisle or cross-aisle) at the site where the racking system is to be constructed. If the site soil 
conditions are not known, at best, site subsoil class D should be assumed [87], representing the 
worst hazard area so that the system can be used in most areas of New Zealand. However, if there 
is reason to believe that the site subsoil class is worse than “D” then a site soil investigation is 
strongly recommended, otherwise the engineer may assume the soil type to be type “E”. 
NZS1170.5:2004 provides code defined elastic spectral shape factors as shown in Figure 6.3 for 
the different soil types as functions of the fundamental period of vibration. These spectral values 
would be modified as necessary to incorporate the hazard level at each site, the return period 
factor for the structure being considered, as well as the distance of the site considered to the 
nearest fault. These correction factors are discussed below in some detail. 
 
 
Figure 6.3: Spectral shape factor, Ch(T), for modal analysis, numerical integration time history 
analysis, and vertical loading and parts (AS1170.5:2004) 
 
 
b) Determination of the hazard factor Z 
The level of seismic hazard depends on the influence of the different faults and the characteristics of 
the earthquakes that could be expected for each site. This dependency has been recognized in the 
Standard by the introduction of the hazard factor Z which is part of the equation that defines the 
elastic spectrum (Equation 6.2) and, consequently, the target spectra used to select and scale records 
employed in time-history analysis. This factor corresponds to 0.5 times the 500-year return period 
value of the 5% damped response spectrum acceleration (measured as a multiple of g) at a period of 
0.5 seconds for the shallow soil class defined in the Standard. In the Standard, this value is also 
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assigned to the spectral ordinate associated with a response period of zero seconds (i.e. peak ground 
acceleration) for a site classified as rock. However, when the design is carried out using numerical 
integration procedures or modal analyses the code accounts for a linear variation in the spectral 
acceleration values for periods smaller than 0.5s as demonstrated in Figure 6.3. The mapping of the 
hazard factor, Z, included in the Standard for the case of the North Island of New Zealand is 
presented in Figure 6.4. The focus in this research was on the North Island on New Zealand since this 
Island incorporates about 75% of the national population, the largest urban centers, and most 
importantly New Zealand’s capital city (Wellington) with a hazard factor of 0.4 which is the value 
that has been adopted in this project for the calculation of the target spectrum. 
 
 
 
Figure 6.4: Mapping of the hazard factor, Z, for the North Island of New Zealand 
 
 
 
c) Determination of the return period factor Ru 
For racking systems, the design life as described in [87] is more likely to be 25 years than the 50 
year minimum design life requirement for a building. Hence, the annual probability of 
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exceedance for the ultimate limit state for storage racks is considered to be 1/250 particularly for 
drive-in racks with limited public access. However, for storage racks with high public access the 
annual probability of exceedance is reduced to be 1/500. For drive-in racks with limited public 
access the return period factor for the ultimate limit state, Ru, is taken as 0.75 as per Table 1 in 
[87] which is reproduced below as Table 6.2. 
 
Table 6.2: Return period factor R for earthquake design of storage racks 
Design 
working life 
(yrs) 
Importance 
level 
Annual probability 
of exceedance for 
ULS 
Ru 
(ULS) 
Annual probability 
of exceedance for 
SLS 
Rs 
(SLS) 
25 2 1/250 0.75 1/25 0.25 
25 3 1/500 1.0 1/25 0.25 
 
 
d) Determination of the near fault factor N(T , D) 
The strength and duration of earthquake ground-motions within a few kilometres of the 
earthquake rupture surface are strongly influenced by a number of near-fault effects producing 
features that are not generally present in motions at sites more distant from the rupture. 
Therefore, near fault effects cannot be neglected. As per section 3.1.6 of NZS1170.5:2005, the 
near-fault factor, N(T,D), shall be determined from Equations 6.3 and 6.4 for locations at shortest 
distance, D, of less than 20 km from the nearest major fault. The locations of these faults are 
shown in Figure 6.5. 
 
 
 For annual probability of exceedance ≥ 1/250 
 
N(T,D) = 1.0          (6.3) 
 
 For annual probability of exceedance < 1/250 
 
N(T,D) = Nmax(T)     D ≤ 2 km 
 
= 1 +(Nmax(T) – 1 ) 
20 - D
18
   2 km < D  ≤ 20 km   
 
= 1.0      D > 20 km    (6.4) 
Where 
 
D = the shortest distance (in kilometres) from the site to the nearest fault 
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Nmax(T) = the maximum near-fault factor. 
 
From Table 3.3 in NZS1170.5:2004, it was found that the shortest distance to the nearest fault for 
the cities Wellington and Wellington CBD are considered as from 0-8km and ≤ 2km respectively 
measured from the Wellington fault denoted as no.11 in Figure 6.5.    
 
 
 
 
 
 
 
 
 
Figure 6.5: Mapping of major faults requiring near-fault factors N(T,D) > 1.0 
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As discussed previously when determining the return period factor Ru, the annual probability of 
exceedance for storage racks in general and drive-in racks in particular with low public access is 
taken as 1/250. According to this, it can be concluded that the near-fault effects do not need to be 
considered since the N(T, D) value is equal to 1.0 as determined by Eqn. (6.3). Nevertheless, it is 
not clear if this recommendation manifests itself to include storage racks as well. Reviewing the 
requirements of BRANZ design guide that is specifically for seismic design of high level storage 
racking  [87]  confirms the same conclusion based on the following. The design guide suggests 
that when the first mode of vibration of the rack is calculated to be less than 1.5seconds, then 
there will be no need to include a factor for near-fault effects in centres affected by the presence 
of earthquake faults. This recommendation was justified by dynamic laboratory testing 
undertaken by BRANZ during the preparation of the guide which indicated that for the down-
aisle direction the rack period was less than 1.5sec. Preliminary dynamic analyses of the drive-in 
rack structure studied in this research project showed that the first fundamental period for the 
down-aisle and cross-aisle directions are in the range of 0.7sec and 0.4sec respectively which are 
both less than 1.5sec. This confirms that near-fault effects do not need to be included in the 
scaling but at least one record must have these characteristics in the record itself. 
 
 
6.5.2.2 Determination of the site target response spectra 
NZS1170.5:2004 [62] uses the performance factor Sp to reduce the seismic design actions on a 
structure in order to take into account a number of other effects which are not explicitly 
represented in the analysis phase. Those effects can be attributed to (a) individual structural 
elements are typically stronger than predicted by the analysis models due to the higher material 
strength, strain hardening, and strain rate effects, (b) the overall structural capacity is typically 
higher than predicted by analysis owing to the redundancy of the structure, in addition to the 
contribution of non-structural elements, and (c) the energy dissipation of structures is typically 
higher than assumed due to the added damping from non-structural elements and foundation. The 
performance factor is intended to account for those effects by a simple scaling of the design 
loads. 
 
As shown by Eqn. (6.1), the code scales the elastic hazard spectrum Ch(T) by the scalar quantity 
(1+Sp)/2, where Sp is defined as: 
 
Sp= 1.3 – 0.3      (6.6) 
 
 
where  is the structural ductility factor for the limit state considered. When considering lateral 
stability of a whole structure against sliding or toppling, the structural ductility factor ( shall be 
taken as 1.0 and hence the structural performance factor (Sp) equates to 1.0. Whereas, for ultimate 
limit state design, NZS1170.5:2004 suggests that the structural performance factor (Sp) be taken 
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as 0.7 except where 1.0 < then Sp shall be defined as per Eqn. (6.6). In addition, for 
serviceability limit state design, NZS1170.5:2004 suggests that Sp factor shall be taken as 0.7. 
However, the Sp value of 0.7 suggested by the Standard takes into account and recognizes the 
enhanced stiffness and strength of real buildings when compared to structural models which 
generally only take account of primary structural elements. However, racking systems on the 
contrary to buildings do not have the added benefit of a strength contribution of non-structural 
elements.  
 
On the other hand, BRANZ design guide for high level racking systems [87]  recommends that Sp 
must be set as 1.0 for the ultimate limit state design, recognizing that for racking systems many of 
the reasons given for a reduction in the value of Sp are not applicable as when compared to the 
real buildings case as explained above. 
 
The author’s opinion is that storage will fall somewhere  between the two limits described above 
for NZS1170.5:2004  [62] and BRANZ guide [87]  for the actual value of Sp to be used for 
ultimate limit state design. On one hand, storage rack systems are not building structures and 
therefore they do not equally possess all the advantages that real buildings have in terms of over-
strength, damping, and redundancy. Consequently it is not expected that the Sp factor would be as 
low as 0.7. However, on the other hand storage rack systems are more flexible than ordinary 
buildings owing to their semi-rigid connections between uprights and beams, and the semi-rigid 
base plate assembly connections which can experience some degree of uplift. Moreover, buckling 
of diagonal bracing and local buckling of upright web thin plates would allow storage racks to 
dissipate a certain degree of energy in the form of permanent plastic deformation. These effects 
would potentially give storage racks some capacity to absorb energy. Hence, a smaller value for 
the Sp factor than 1.0 (i.e. Sp <1.0) could be justified, but at the same time it will not be as low as 
0.7 as recommended by NZS1170.5:2004. Full scale tests of different systems of drive-in racks in 
the cross-aisle direction have been carried and presented in Chapter 8. The results of these 
experiments will be used to determine the structural ductility factor (for drive-in racking 
systems, and consequently more accurate values for the Sp factor to be used for drive-in racks in 
the ultimate state. However, for the purpose of determining the Sp factor for scaling the response 
hazard spectrum a value of 1.0 has been adopted as recommended by BRANZ design guide. This 
implies that the target response spectrum SAtarget to be used for scaling the earthquake records is 
the same as the elastic hazard spectrum C(T). 
 
From the previous discussion, the following can be concluded: 
 
Z   = 0.4, 
Ru  =0.75, 
N(T,D)  =1.0 
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and therefore the product of Z . Ru . N(T,D) = 0.3 ≤ 0.7 
it should be noticed that the default hazard spectrum defined by most design codes and denoted 
as Ch(T) in both the Australian standard AS1170.4 [80] and New Zealand standard [62] is the 5% 
damped spectrum. However, free vibration frequency tests (as will be discussed in Chapter 8 in 
more detail) showed that drive-in rack systems possess a slightly lower damping ratio which was 
found to be in the order of 3.5%. Therefore, the default 5% damped hazard spectrum needed to be 
modified and scaled up to correspond to the reduced damping ratio observed by the drive-in rack 
structure. Figure 6.6 shows the calculated target response spectrum SAtarget for the default code 
damping ratio at 5% and the reduced damping ratio of 3.5%, of which the latter is used for 
scaling the earthquake signals. 
 
 
 
 
Figure 6.6: Spectral shape for the target response spectrum SAtarget as per NZS1170.5 [62] 
 
 
6.5.2.3 Determination of the scaling factor k1. 
To modify the earthquake records, the New Zealand Standard NZS1170.5 [62] requires 
determining the record scale factor, k1 for each of the horizontal ground motion components, 
which adjusts the record to match the design spectrum. The factor k1 is defined as the scale value 
which minimizes in a least mean square sense the function log(k1SAcomponent/SAtarget) over the 
period range of interest. The period range of interest (Trange) is defined as being between Tmin and 
0.0
0.2
0.4
0.6
0.8
1.0
1.2
0 2 4 6 8 10 12
Ta
rg
et
 s
p
ec
tr
al
 s
h
ap
e 
(S
A
ta
rg
et
) 
Time Period (Seconds) 
Target Response Spectrum SAtarget 
5.0% Target Response Spectrum
3.5% Target Response Spectrum
Chapter 6 – Selection and scaling of earthquake records for seismic simulations and time history analyses 
 
145 
 
Tmax where Tmin = 0.4 T1 and Tmax = 1.3T1 and where T1 is the largest translational period in the 
direction being considered but not less than 0.4 sec. For each horizontal component studied, the 
Standard requires that the periods used to determine k1 are selected so that each period is within 
10% of the preceding one. However, for structures with a first fundamental period greater than 5 
seconds, the codes allows for bigger time increments but not more than 1 second. Having 
determined the factor k1 for each record, the code requires that 0.33 < k1 < 3.0. That is to confirm 
that the amplitudes of the selected record are sufficiently similar. Otherwise, the records that do 
not satisfy this criterion should be rejected. 
 
Another check required by code is to ensure that the record selected is of reasonable fit to the 
target spectra. This verification can be satisfied by demonstrating that the factor D1 is less than 
log (1.5). The D1 factor is defined as the root mean square difference between the logs of the 
scaled primary component and the target spectra over the period range of interest. This 
requirement can be expressed algebraically as: 
 
 
𝐷1 = √
1
(1.5 − 0.4)𝑇1
 ∫ [log (
𝑘1𝑆𝐴𝑐𝑜𝑚𝑝𝑜𝑛𝑒𝑛𝑡
𝑆𝐴𝑡𝑎𝑟𝑔𝑒𝑡
1.5𝑇
0.4𝑇
)] 2dT ≤ log (1.5) 
 
 
It is important to note that the k1 factor merely determines the scaling required to the best fit, not 
how good a match is obtained when this scaling is applied. The criterion for D1 is not very 
restrictive, as it requires that the scaled record is only within a factor of 1.5 of the target spectrum 
on average. Generally, a better fit of D1 ≤ log (1.3) should be aimed for over most period bands. 
Upon satisfying the above requirements for the k1 factor, the code requires the principal 
component be nominated as the record component with the smaller k1, and then assigns this value 
k1 as the record scale factor for this target period, whereas the other horizontal component of the 
record is considered to be the secondary component. 
 
Working through the above outlines and code procedures, the k1 scaling factor has been 
determined for all earthquake records listed in Table 6.1 including the two horizontal components 
of each record, thereby determining the principal and secondary components of each earthquake 
record. Figures 6.7 to 6.9 show the k1 factor determined for the earthquake records Kocaeli_1999, 
ElCentro_1940, and Christchurch_2011. The value on the horizontal axis corresponds to the 
minimum Least Mean Square (LMS) of the function log(k1SAcomponent/SAtarget) on the vertical axis 
as shown in the figures. The k1 values obtained for the different earthquakes are summarized in 
Table 6.3 highlighting the principal component for each record, the records that met the scaling 
criteria and records that failed to meet the scaling criteria and were rejected.  
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Figure 6.7: k1 factor for Kocaeli earthquake record components; (a) ARE000, (b) ARE090 
 
     
Figure 6.8: k1 factor for ElCentro earthquake record components; (a) 180, (b) 270 
 
     
Figure 6.9: k1 factor for Christchurch earthquake record components; (a) 89, (b) 01 
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Table 6.3: Scaling factor k1 for earthquake records 
EQ # Earthquake Component k1 SAPrincpal k1
a D1
b Action 
1 
Kocaeli 
Turkey 
ARE000 4.7   K1 > 3.0 0.074 Reject 
ARE090 4.7   K1 > 3.0 0.087 Reject 
2 
Christchurch 
New Zealand 
CC-89 0.9  K1 < 3.0 0.076 Accept 
CC-01 1   K1 < 3.0 0.124 Accept 
3 
Duzce 
Turkey 
Duzce-180 0.9   K1 < 3.0 0.131 Accept 
Duzce-270 0.8  K1 < 3.0 0.108 Accept 
4 
ElCentro 
USA 
ElCentro-180 1.4  K1 < 3.0 0.068 Accept 
ElCentro-270 1.9   K1 < 3.0 0.063 Accept 
5 
Loma Prieta 
USA 
0 4   K1 > 3.0 0.096 Reject 
90 4.9   K1 > 3.0 0.117 Reject 
6 
Landers 
USA 
LCN260 1.3  K1 < 3.0 0.104 Accept 
LCN345 2   K1 < 3.0 0.058 Accept 
7 
New Zealand-02 
New Zealand 
MAT083 2.35   K1 < 3.0 0.171 Accept 
MAT353 2  K1 < 3.0 0.174 Accept 
8 
Tabas 
Iran 
L1 0.6  K1 < 3.0 0.12 Accept 
T1 0.6   K1 < 3.0 0.115 Accept 
9 
Chi-Chi 
Taiwan 
TCU051-E 2.2   K1 < 3.0 0.078 Accept 
TCU051-N 2.15  K1 < 3.0 0.065 Accept 
10 
Kern County 
USA 
KERN_TAF021 2.6  K1 < 3.0 0.104 Accept 
KERN_TAF111 2.8   K1 < 3.0 0.109 Accept 
a. k1 should be < 3 to accept the record component 
b. D1 should be < log (1.5), (i.e. D1 < 0.176) to accept the record component 
 
6.5.2.4 Determination of the scaling factor k2 
The second scaling factor applied on the earthquake records is the record family scale factor k2, 
which is required by NZS1170.5:2004 [62] to ensure that no under-representation of the 
earthquake intensities occur over the period range of interest. This, in other words, ensures that 
within the period range of interest the principal component of at least one record spectrum scaled 
by its record scale factor k1, exceeds the target spectrum. It will be generally sufficient to 
determine k2 by considering the component of each record with the lowest k1 factor to ensure that 
the envelope of these scaled records covers the target spectrum across the entire period range. In 
some cases it may be required to reverse the principal/secondary component order so as to reduce 
the family scale factor. This is likely to be the case when all three principal components in a 
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family are deficient within a particular period band while one of the secondary components is 
relatively strong within that band.  
  
For calculating the record family scale factor, NZS1170.5:2004 sets the value of the k2 factor as 
being the maximum value of the ratio SAtarget/max(SAprincipal), however with a minimum envelope 
value of 1.0 over the period range of interest with respect to the direction under consideration. 
The term max(SAprincipal) is the maximum principal component of each record within the family at 
each period considered. To determine the value of the k2 factor three earthquakes were chosen to 
make up one family of records. The earthquakes chosen are: Duzce 1999, ElCentro 1940, and 
Tabas 1978. Following the above outlined procedures, the family record scaling factors were 
found to be 0.8 and 0.69 for the down-aisle and cross-aisle directions respectively. However, as 
mentioned above the code places a minimum limit of 1.0 for this factor. Therefore, the k2 factor is 
set as 1.0. 
 
Figure 6.10 shows the two horizontal components of the kocalie_1999 earthquake scaled by the 
factor k1.k2. As demonstrated in the figure, the unscaled spectra of the two horizontal components 
were much lower than the target spectrum, indicating a need for a large record scaling factor 
(k1=4.7) for both components as listed in Table 6.3. This translates into a poor match between the 
record spectra and the target spectrum, which as a result failed the earthquake record. However, 
Figures 6.11 to 6.13 show the scaled earthquake records for ElCentro_1940, Chi-Chi_1999, and 
Tabas_1978. These three records demonstrated a reasonably good match between the scaled 
spectra and the target spectrum within the period range of interest (between 0.17 sec and 
0.55 sec). 
 
 
 
     
Figure 6.10: Scaling of Kocaeli earthquake record components; (a) ARE000, (b) ARE090 
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Figure 6.11: Scaling of ElCentro earthquake record components; (a) 180, (b) 270 
 
     
Figure 6.12: Scaling of Chi-Chi earthquake record components; (a) TCU051-E, (b) TCU051-N 
 
      
Figure 6.13: Scaling of Tabas earthquake record components; (a) Tab-L1, (b) Tab-T1 
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CHAPTER 7 
 
FINITE ELEMENT ANALYSIS STUDY OF DRIVE-IN 
RACK SYSTEMS 
 
7.1 Introduction 
During the last decade, the use of numerical analysis methods in structural design has increased 
significantly. In particular, elastic and inelastic dynamic analyses in the time domain have been 
made feasible for complex structures with thousands of degrees of freedom, thanks to rapidly 
increasing computational power and the evolution of engineering software. However, many 
difficulties still arise in the prediction of the structural behaviour of storage racks in general and 
drive-in racks in particular when using such methods.  
The behaviour of racking systems is affected by the particular geometry of their structural 
components. For instance, storage racks are predominantly made of perforated high slenderness 
elements. If not checked properly, this can potentially lead to global instabilities of the rack 
structure, in addition to local instabilities of rack members due to local and/or distortion buckling 
of the cross section, potentially near perforations [88-93]. Moreover, the non-linear behaviour of 
the rack’s critical connections such as the beam-to-upright [11, 18, 94] and base plate 
connections [19, 95], makes the numerical modelling very challenging in order to accurately 
simulate the connection behaviour. In addition, warping of slender open sections especially for 
the heavily loaded uprights needs to be considered [96, 97]. Adding to that, sliding of the pallets 
on the rack and their potential dislodgement represents a limit state i.e. a situation that might 
occur during a seismic event also in the case of a well-designed storage rack, the phenomenon 
depending only on the dynamic friction coefficient between the pallet and the steel beam of the 
rack [39, 61]. 
The seismic response of storage racks in the down-aisle direction is strongly affected by the 
nonlinear moment-rotation response of the beam-to-upright connections [20]. In the cross-aisle 
direction, on the other hand, the seismic response of storage racks depends on the characteristics 
of the bracing members used in the truss configuration [98]. Therefore, numerical models that 
have been used to predict the seismic response of storage racks incorporate these different lateral 
load-resisting systems to various degrees. 
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In this chapter the numerical modelling of drive-in racks is discussed in detail.  The chapter also 
addresses the different modelling challenges discussed previously. For this purpose, various FE 
numerical models were created for studying the rack behaviour at different component levels. 
These include: 
 FE models for the individual members 
 FE models for the connections 
 FE models for the shear frame subassembly 
 FE models for the overall rack frame 
 
The models where created using different commercial software packages. These included: 
 ABAQUS V6.14 
 STRAND7 
 
In addition, the different cross-sections of the different rack components were studied using the 
Finite Strip Method (FSM) for determining the local and distortional buckling stresses and 
associated buckling modes of the cross-sections. The software used for this purpose is: 
 ThinWall 
 
7.2 Drive-in rack components 
The different members used in framing the drive-in storage rack consist of the following 
components:  
 
(a) Uprights;  (g) Pallet runners  (or beams); 
(b) Frame diagonal bracings;  (h) Base plates; 
(c) Portal beams;  (i) Cantilever brackets; 
(d) Horizontal spine bracings; (j) Backstops; 
(e) Diagonal spine bracings;  (k) Upright protectors; 
(f) Plan bracings;  (l) Floor channel. 
  
 
   
Most of the members listed above are made of cold-formed open steel sections with different 
profiles, others are made of cold-formed circular hollow sections, and some are made of mild 
steel plate assemblies. In this project however upright protectors and floor channels were not 
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used. This is because for loading the drive-in rack with the pallet loads an overhead crane was 
used for lifting and placing the concrete blocks in position, which alleviated the need for using 
forklift trucks. Secondly, the rack frame was assembled on the top of the test rig (recall 
Chapter 4) with the rack base plates being tied down to the test rig anchor plates. Therefore, rack 
floor channels were not needed. The following sections discuss the details of the different section 
profiles used in this project.  
 
7.2.1 Upright RF12519 
The upright used in the rack structures tests are 125mm wide x 1.9mm thick profile with rear 
flanges as shown in Figure 7.1. Unlike standard selective racking uprights, which are 
characterized by diamond shaped slots, the drive-in uprights are punched with circular holes on 
the front face at 50 mm spacing. As a consequence the drive-in rack system used is “fully 
bolted”.  
 
The upright profile characteristics are as follows:  
 
 The holes on the face of the uprights are 13.0 mm in diameter and are located 25 mm in 
from the flanges of the profile. The holes are spaced on a vertical pitch of 50 mm.  
 
 The brace holes in the side flanges are 12.5 mm in diameter and are also spaced at 50 mm. 
The brace holes are positioned 75 mm from the front face of the upright, which makes 
these holes staggered relative to those holes in the back face of the upright. 
  
All bolted connections in the system are made with high tensile M12 hardware and whiz nuts. All 
uprights are manufactured from G450 high tensile zinc-coated steel.  
 
   
 
Figure 7.1: Upright profile RF12519  
X 
Y 
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7.2.2 Frame bracing RK1280. 
The frame bracing comprises the horizontal and diagonal members used to join a pair of uprights 
together to make a trussed frame. The 125 wide uprights utilize a lipped C-section brace which is 
75 mm wide and 50mm deep. The standard bracing is made from 1.5mm G450 material, 
however, the bracings used in this project where made of 1.9mm G450 thick plates. Figure 7.2 
shows the cross-section details and holes spacing for the frame bracing profile used, RK1280. 
The frame bracing is connected to the rear flanges of upright columns using two M12x25 bolts 
and whiz nuts at each end of the brace. A total of four M12 connections are required for each 
frame brace. Figure 7.3 shows a typical connection between the uprights and the frame brace, and 
the whiz nuts used. 
 
 
 
Figure 7.2: Frame brace profile RK1280 
 
 
   
 
Figure 7.3: Typical connection between the upright and the brace 
  
1.9 
Whiz nuts 
1 
Sec 1 - 1 
1 
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7.2.3 Cantilever bracket RK2200. 
Cantilever brackets are used to support pallet runners (or beams) at all upright positions as shown 
in Figures 7.4. The brackets are manufactured by punching and forming from one piece of steel, 
and therefore no welding is involved. Although the bracket is manufactured with five holes on a 
50 mm pitch, a structurally adequate connection can be achieved by bolting through the top and 
bottom holes only using M12 x 25 hardware and whiz nuts. The middle three holes, which are 
invariably unused, are then available for connection of spine bracing diagonals and portal beams, 
the latter forming part of the horizontal bracings in the spine towers. 
 
 
 
(a) Bracket connection with the pallet runners and uprights 
 
  
 (b) Bracket connection with the pallet runners, uprights and spine bracings 
 
Figure 7.4: Cantilever bracket connection  
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7.2.4 Pallet runner RK2206. 
The pallet runners are the immediate supporting elements for the stored pallets. The pallet runner 
profile shown in Figure 7.5 has been dimensionally optimized to suit the standard Australian 
pallet measuring 1170 mm x 1170 mm (Figure 7.5(c)). The pallet runner comprises a horizontal 
bearing portion of width 70 mm that directly supports the pallets, and a web inclined backwards 
of the vertical by 20 degrees. This inclined web provides guidance to the pallet while being 
maneuvered down the lane on the forklift truck. The pallet runner is manufactured from zinc 
coated G450 steel in the standard thickness of 1.9 mm. It can also be seen in Figure 7.5(b) that 
the pallet runner is punched on the underside at 50 mm intervals for connections to cantilever 
brackets.  
 
 
    
 
 
 
Figure 7.5: Pallet runners for supporting pallets and pallet loads; (a) pallet runner section profile, 
(b) runner connection to the upright, and (c) pallet runners supporting pallets  
 
(a) (b) 
(c) 
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7.2.5 Portal beam RK1217 
Portal beams serve the purpose of connecting the frames together at the top and to provide 
stiffness against the down-aisle deflection of the rack. They also function as part of the plan 
bracing system. The portal beam used in the rack is 150mm deep x 1.9mm thick profile 
manufactured from zinc coated high tensile G450 steel. The beams are punched regularly at 50 
mm increments in both the web and the flanges. The holes in the web are used to bolt the beam to 
the uprights (Figure 7.6a), while the holes in the top flanges are used to connect plan bracing 
members (Figures 7.6b & 7.6c). The portal beams are also used to connect the “plan bracing 
strut” (normally an upright section) which runs the full depth across the tops of the uprights 
frames (Figure 7.6c). Plan bracing may also be connected at the junction of the plan strut and the 
portal beams. Where they are required, spine bracing members are bolted directly in between the 
portal beam and the upright as shown in Figure 7.6c. 
 
 
  
 
 
Figure 7.6: Portal beam; (a) connection to uprights, (b) connection to uprights and plan bracings, 
and (c) connection to uprights, plan bracings, plan struts, and spine diagonal bracings.  
(a) (b) 
(c) 
Upright 
Plan strut 
Portal beams 
Plan bracing 
Spine bracing 
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7.2.6 Spine and Plan bracings RK2003 
Stability of the drive-in rack in the down-aisle direction is provided by means of plan bracing 
modules and spine bracing towers. The plan bracing modules are located in the top plane of the 
rack, above the stored pallets, and provide a means of transferring the bracing effect from the 
front vertical plane of the rack to the rear vertical plane where the spine bracing is located. 
 
The drive-in rack studied in this project is a single entry rack. In such configuration, the vertical 
spine bracing is located immediately behind the stored pallets. The bracing member used for the 
plan bracing and spine bracing is a Duragal pre-galvanized circular tube of designation CHS 
26.9x2.0. The outer diameter is 26.9 mm, the wall thickness is 2.0 mm and the nominal yield 
strength is 350MPa. As shown in Figure 7.7a, the ends of the member are flattened eccentrically 
to facilitate the connection to other members, such as portal beams and uprights, using one M12 
Grade 8.8 bolt at each end. Figures 7.7b and 7.7c show the connection details for the diagonal 
bracings when used as plan bracings at the top of the rack and when used as spine bracings at the 
back of the rack respectively. 
 
 
 
 
 
  
 
Figure 7.7: Plan and diagonal bracing using CHS26.9x2.0 tubes; (a) brace shape and end details, 
(b) diagonals used as top plan bracings, (c) diagonals used as vertical spine bracings. 
(a) 
(b) (c) 
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7.2.7 Backstops 
The backstops help prevent the pallets being over-inserted into the rack, and therefore serve to 
protect the spine bracing from damage. In the event of a large horizontal load, the backstop will 
deform and therefore restrict the load transferred to the rack itself. The backstops are robust so 
they can withstand minor impacts from pallet placement. Each backstop is connected to the 
underside of the pallet runner using two M12 set screws and whiz nuts. 
 
 
 
 
 
 
Figure 7.8: Backstop component; (a) at the front of the rack, (b) at the back of the rack. 
(a) 
(b) 
Chapter 7 – Finite element analysis study of drive-in rack systems 
 
159 
 
7.3 Drive-in rack components arrangement and layout 
The drive-in rack tested in this project consisted of three storage bays with three levels of storage. 
The depth of the rack allows for three pallets to be stored on each level. Figure 7.9 demonstrates 
the rack components (recall Section 7.1) when installed and connected to each other to make up 
the whole frame. The rack overall dimensions in plan and elevation are shown in Figures 7.10(a) 
to 7.10(f). 
 
 
     
Figure 7.9: Drive-in rack frame assembly. 
 
  
Figure 7.10: Drive-in rack frame dimensions; (a) spine elevation, (b) front of the rack elevation 
(a) (b) 
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Figure 7.10 (continued): Drive-in rack frame dimensions; (c) side view, (d) side view with loaded 
pallets, (e) top plan view, and (f) plan view with loaded pallets. 
 
7.4 Section properties and FE modelling of drive-in rack components. 
In this section the geometric properties and the FE modelling of the different components will be 
discussed. As demonstrated in Section 7.1 the rack comprises different components with unique 
profiles. Depending on which direction is being considered, some components are considered to 
be the main components whose contribution dictates and dominates the overall behavior and 
response of the rack structure. Whereas, other components are considered as secondary 
components (e.g. rail beams) that have less influence on the rack response in the direction being 
considered. For instance, in the down-aisle direction the main components that govern the rack 
behavior are the portal frame action provided by the uprights and portal beams, as well as the 
(c) (d) 
(e) (f) 
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extent of spine bracings. However, in the cross-aisle direction, the main components that govern 
the rack behaviour are the upright frames made by the uprights and frame bracings, in addition to 
the pallet runners which function as coupling beams between the adjacent upright frames. 
 
7.4.1 Section properties and FE modelling of the uprights 
7.4.1.1 Upright section properties 
The upright profile as shown in Figure 7.1 is 125mm wide and 1.9mm thick with rear flanges. To 
allow the connection with other rack components, the uprights are punched with different holes 
sizes (i.e. 12.5mm dia holes on the side flanges and 13mm dia holes in the front face) positioned 
at a staggered 50mm pitch. Because of these perforations, the upright cross-section properties 
vary along its length. Therefore, cross-section analyses were carried out at the different cross 
sections to highlight the differences in the geometric properties at each section. The results of 
these analyses are listed in Table 7.1. From these analyses it can be seen that the actual (average) 
section properties of the upright with staggered hole profiles must be less than the properties 
highlighted for the solid section profile (case 1). Moreover, they will be greater than those 
properties depicted for the imaginary cross-section profile (case 4) with all holes considered in 
one plane. In that sense, cases 1 and 2 could be considered as the maximum and minimum 
envelope values respectively for the geometric properties of the average upright section. 
Furthermore, when considering the actual two punched sections within a segment of an upright, 
namely cases 2 and 3, it can be seen that the different geometric properties for these cases are 
similar. This indicates that lower bounds of the actual average section properties of an upright 
segment would be very close to those values listed in Table 7.1 for cases 2 and 3. 
In order to examine the true behaviour of the perforated upright with the actual arrangement of 
staggered bolt holes, different sets of FE models using shell elements were constructed. The first 
set of the models was oriented to explore the behaviour of the solid upright profile (as in case 1) 
vs the actual upright perforated profile (alternate profiles between cases 2 and 3). In the second 
set of FE models the effects of the warping restraints at the base of the upright on the solid vs 
perforated profiles were studied. Moreover, buckling analyses were carried out on different 
upright lengths starting from very short segments (i.e. 50mm) up to very long segments (i.e. 
3000mm). The short length segments models (i.e. L≤250mm) were constructed to capture the 
cross-section local buckling modes, whereas longer segments models (i.e. L≤1200mm) were 
constructed for capturing the distortional buckling modes. The much longer segments (i.e. 
L>2000mm) models were required for capturing the global buckling modes including the flexural 
and flexural-torsional buckling modes. Figure 7.11 shows the different segments lengths used for 
studying the solid profile uprights and Figure 7.12 shows the corresponding segments lengths 
with the actual perforated profile.  
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The FE analysis results for the solid profile uprights are shown in Figure 7.13 demonstrating the 
section local buckling and distortional buckling modes, whereas the global flexural-torsional 
buckling (FTB) modes are shown in Figure 7.14. As discussed previously, short segments 
(L<250mm) were able to capture the local buckling modes of the cross-section, whereas for 
capturing the distortional buckling modes longer segments (L>250mm) were needed. For 
segment lengths up to 1200mm the analysis could not capture any global instability. For very 
long segments (L>2000mm) the FE shell model was capable of capturing the FTB mode shapes. 
Similarly, the corresponding analysis results for the same segments of the perforated profile are 
shown in Figure 7.15 for the local and distortional buckling mode shapes, and the global FTB 
modes are shown in Figure 7.16. The same observations regarding the different segment lengths 
and their conjugate buckling mode shapes in the solid profile case were valid for the perforated 
profile with the only difference being the values of the critical buckling stresses obtained for the 
two cases. The buckling stresses for the solid and perforated profiles are listed in Table 7.2. The 
table also includes the results found when including vs excluding warping restraints at the base of 
the upright for the two cases of upright profiles. In addition, the solid upright profile has been 
studied using the Finite Strip Method (FSM) and the results for the same segment lengths as used 
in the shell element analyses are shown in Table 7.2 for comparison. 
Table 7.1: Upright cross section properties 
Upright cross-section geometric properties 
Cases Case 1 Case 2 Case 3 Case 4 
Section 
location 
Solid section midway 
between flanges and web 
holes 
Section taken through 
centre of holes in flanges 
Section taken through 
centre of holes in web 
Imaginary section with all 
holes taken in one plane 
Profile 
shape 
    
t (mm) 1.9 1.9 1.9 1.9 
A (mm
2
) 747.1 699.7 697.7 650.3 
Ix (mm
4
) 8.19x10
5
 7.475x10
5
 7.478x10
5
 6.855x10
5
 
Iy (mm
4
) 1.555x10
6
 1.481x10
6
 1.484x10
6
 1.41x10
6
 
J (mm
4
) 899 842 840 782 
Iw (mm
6
) 3.12x10
9
 2.74x10
9
 2.99x10
9
 2.56x10
9
 
Where; 
t = thickness       cross section x-axis direction 
A = cross section area 
Ix, Iy = second moment of area about the section axes  cross section y-axis direction 
J = torsional constant 
Iw = warping constant 
Φ12.5mm 
Φ13.0mm Φ13.0mm 
Φ12.5mm 
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Figure 7.11: Different segments lengths of upright RF12519 with a solid profile. 
L=50mm L=3000mm L=2000mm L=1200mm L=250mm 
*Note: segments lengths are not to scale 
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Figure 7.12: Different segments lengths of upright RF12519 with actual perforated profile. 
L=50mm L=3000mm L=2000mm L=1200mm L=250mm 
*Note: segments lengths are not to scale 
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Figure 7.13: Local and distortional buckling mode shapes for different segments lengths of 
upright RF12519 with solid profile. 
L=50mm (local buckling) L=250mm (local buckling) L=1200mm (distortion buckling) 
L=50mm & 250mm (local buckling) L=1200mm (distortion buckling) 
Longitudinal 
edges have 
moved 
Local 
buckling 
Longitudinal edges 
have not moved 
Local buckling 
Longitudinal 
edges have 
moved 
Local 
buckling 
Longitudinal edges 
have not moved 
Local buckling 
Longitudinal edges 
have not moved 
Local buckling 
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Figure 7.14: Global FTB buckling mode shapes for different segments lengths of upright 
RF12519 with solid profile.
L=2000mm 
L=3000mm 
Flexural torsional buckling mode shape for 
the solid profile upright segments L=2000mm 
and 3000mm at the section cuts 1-1 and 2-2 
Undeformed upright 
1 
1 
2 
2 
Deformed upright (Lateral 
drift and twisting of the 
cross section) 
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Figure 7.15: Local and distortional buckling mode shapes for different segments lengths of 
upright RF12519 with the actual perforated profile. 
L=50mm (local buckling) 
Local buckling 
L=250mm (local buckling) L=1200mm (distortion buckling) 
L=50mm & 250mm (local buckling) L=1200mm (distortion buckling) 
Longitudinal edges 
have not moved 
Local buckling 
Longitudinal edges 
have not moved 
Local buckling 
Longitudinal 
edges have 
moved 
Local 
buckling 
Longitudinal 
edges have 
moved 
Local 
buckling 
Longitudinal edges 
have not moved 
Local buckling 
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Figure 7.16: Global FTB buckling mode shapes for different segments lengths of upright 
RF12519 with solid profile. 
4 
4 
3 
3 
Flexural torsional buckling mode shape for the 
perforated profile upright segments L=2000mm 
and 3000mm at the section cuts 3-3 and 4-4 
Undeformed upright 
Deformed upright (Lateral 
drift and twisting of the 
cross section) 
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Table 7.2: Numerical analysis results for the upright profiles with different segment lengths. 
L (mm) Analysis model fcrit* (MPa) Mode Profile Warping restraint 
50 
FE shell 1478 Local buckling Solid  
FE shell 1444 Local buckling Solid × 
FSM 1446 Local buckling Solid × 
FE shell 1424 Local buckling Perforated  
FE shell 1391 Local buckling Perforated × 
250 
FE shell 1465 Local buckling Solid  
FE shell 1460 Local buckling Solid × 
FSM 1540 Local buckling Solid × 
FE shell 1433 Local buckling Perforated  
FE shell 1428 Local buckling Perforated × 
1200 
FE shell 393 Distortion buckling Solid  
FE shell 327 Distortion buckling Solid × 
FSM 331 Distortion buckling Solid × 
FE shell 376 Distortion buckling Perforated  
FE shell 313 Distortion buckling Perforated × 
2000 
FE shell 336 FTB buckling Solid  
FE shell 201 FTB buckling Solid × 
FSM 211 FTB buckling Solid × 
FE shell 308 FTB buckling Perforated  
FE shell 184 FTB buckling Perforated × 
3000 
FE shell 189 FTB buckling Solid  
FE shell 100 FTB buckling Solid × 
FSM 97 FTB buckling Solid × 
FE shell 172 FTB buckling Perforated  
FE shell 91 FTB buckling Perforated × 
*fcrit: is the critical buckling stress of the upright 
 
Several conclusions can be made from the analysis results listed in Table 7.2. Firstly, when 
considering the solid profile case alone with and without the warping restraint, it can be seen that 
for the short segments (L<250mm) the warping restraints at the base of the upright cause 
insignificant changes to the buckling stress. That is, warping restraints at the upright base would 
have essentially no effect on the critical local buckling modes and stresses. For longer segments 
(L<1200mm) where the critical buckling stress of the upright profile is governed predominantly 
by distortion of the cross section with a small influence from global FTB modes, the warping 
restraint slightly increases the upright’s capacity against instability by the order of 20%. 
However, for very long segments where the buckling of the upright is predominantly governed by 
the global FTB mode, the influence of the warping restraints on the buckling stress of the upright 
stability is substantial. As shown for the solid profile without warping restraints the critical 
buckling stresses were in the order of 201MPa and 100MPa for the segment lengths of 2000mm 
and 3000mm respectively. However, when the base of the upright was restrained against 
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warping, the critical buckling stress increased to 336 MPa and 189MPa for the same segments 
respectively. These stresses represent increases in the buckling capacity of 67% and 90% for the 
segments lengths 2000mm and 3000mm respectively. Consequently for these lengths warping 
restraints should not be assumed to be present in a rack frame unless the base plate assembly 
connected to the upright can effectively provide this restraint, and is designed accordingly. When 
considering the perforated profile case alone, it can be seen that the same observations found for 
the solid profile manifest themselves for the perforated profile. 
Secondly, when comparing the buckling stresses of the upright for the solid profile vs perforated 
profile for the case of no warping restraints it is found that the effect of perforations on the 
upright profile is not significant and is similar for all segment lengths. For instance, for the 
segment lengths 50mm, 250mm and 1200mm, the presence of perforations reduced the critical 
buckling stresses by 4%, 2% and 4.4% respectively, whereas for the segment lengths 2000mm 
and 3000mm the effect of perforations reduced the critical stresses by 7.4% and 9.5%. From 
these comparisons it can be concluded that disregarding the perforations of the upright in the FE 
analysis model will have insignificant effect on the accuracy of the analysis results. Whereas, 
adding warping restraints at the base plate connection will have a substantial effect on the 
analysis results. This conclusion is useful because when engineers are required to conduct a 
preliminary analysis study of the rack behavior for checking the system stability or member sizes, 
the upright profile can be then treated as a solid profile for simplicity, instead of calculating and 
modelling accurately the actual profile with perforation. However, in this project the effect of 
perforation is considered throughout in all FE models and in the design of uprights, as will be 
demonstrated in the following sections. 
It is important to note that the above chosen segment lengths are discrete values that were chosen 
to cover a wide range of lengths to capture the different buckling modes, whether local or global. 
A complete insight to the change in the buckling mode and consequently the critical buckling 
stress with the change in the half-wave length can be studied in greater detail by plotting the 
signature curve of the upright profile using FSM. However, this can be only done for the solid 
sections. Nevertheless, this exercise would still provide a close estimate of the equivalent 
buckling stresses in a perforated profile. 
 
7.4.1.2 FE analysis of the uprights using 1D beam element models 
As discussed in the previous section, the upright profile was modelled using shell elements in 
order to model the perforations, and hence capture the true behaviour of the uprights 
incorporating the effect of perforations. However, using shell elements for modelling engineering 
structures is not always feasible. Modelling individual components, connections, or even medium 
size analysis jobs using shell elements perhaps do not require lengthy computational time, hence 
the cost involved for carrying such jobs becomes reasonable. However, for large size analysis 
jobs, using shell elements for modelling the different components in most cases would require 
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super-computers with very high speed, which incurs a significant increase in the cost associated 
with such jobs. Therefore, the most practical and common engineering practice is to reduce the 
analysis job size by modelling the different components using 1D beam elements.  In most cases, 
this modelling provides reasonable accuracy for predicting the overall behaviour of the structure, 
and hence alleviates unnecessary complexity in the analysis and design phases.  
However, using beam elements has its own limitation too.  For instance, bolt holes as those found 
in the perforated upright and portal beams cannot be modelled using 1D beam elements. In 
addition, the cross-section buckling mode shapes including local and distortion buckling obtained 
by using shell elements (recall Figures 7.13 & 7.15) cannot be reproduced using 6DOFs-1D 
beams elements, unless special beam elements with more degrees of freedom are used for 
modelling, e.g. using the Generalized Beam Theory (GBT) [99] which is not always feasible or 
practical. Nevertheless, using 6DOFs-1D beam elements can effectively capture the instabilities 
of structural members undergoing global modes such as flexural and flexural- torsional buckling 
(recall Figures 7.14 & 7.15) with great accuracy. To demonstrate this and to compare the 
accuracy of using 1D beam elements vs shell elements, another set of FE models was 
constructed. In this analysis set, the solid-profile upright is modelled using a 7DoFs-1D beam 
element, in which the 7
th
 DoF caters for the warping of open section members. The same upright 
segment lengths used in the shell element analysis models (recall Table 7.2) were used herein for 
consistency. Also, the base of the upright was not restrained against warping in the two cases. 
The analysis results for the beam element models are listed in Table 7.3. As shown, the uprights 
when modelled using beam elements could not predict neither the local buckling mode shapes 
nor the level of stresses for the 50mm and 250mm segments. Also, it could not predict the 
distortional buckling mode and its corresponding buckling stress for the 1200mm segment. 
However, for the longer segments the beam element models were very accurate in predicting both 
the mode shape and the corresponding buckling stress for the 2000mm and 3000mm segments. 
This confirms the previous discussion regarding the limitation or applicability of using 1D beam 
element for modelling the uprights. Also, it can be reconfirmed that if the perforation in the 
upright profile are disregarded by using 1D beam elements, the error involved with the modelling 
procedures is minimal and can be tolerated without compromising the accuracy of the results. 
From this study it can be concluded that using beam element for modelling the uprights would 
reveal accurate values for when the upright segments under the ultimate loads are governed by 
global FTB failure modes. Whereas, if the upright critically loaded segments are governed by 
local buckling or distortional buckling then using 1D beam element would not be sufficient to 
verify the adequacy of the uprights since in this case the model results would overestimate the 
upright’s capacity. Nevertheless, 1D beam models can still be still used though but in this case 
the capacity of the uprights needed to be calculated using the appropriate design code, and not to 
be determined from the analysis model if advanced analysis procedures are used. 
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Table 7.3: 1D beam vs shell element models for the upright solid profile 
Segment length 
 (mm) 
1D beam elements 2D Shell elements 
fcrit (MPa) Buckling mode fcrit (MPa) Buckling mode 
50 58041 FTB     × 1444 Local 
250 11075 FTB     × 1460 Local 
1200 570 FTB     × 327 Distortion 
2000 210 FTB     201 FTB 
3000 98    FTB    100 FTB 
*fcrit refers to the critical buckling stress 
*Young’s modulus is taken as 200GPa and the upright plate thickness is 1.9mm. 
*Poisson’s ration was taken as 0.25; however the test results were not sensitive to this ratio sense a value 
of 0.3 revealed almost the same figures. 
 
7.4.1.3 Incorporating perforations effects on upright sections when using beam elements 
The effect of perforations in the upright profile on the overall response of an upright segment is 
that they firstly reduce the cross-section geometric properties when compared to the solid profile 
as shown by Table 7.1. Secondly, they reduce slightly the critical buckling stresses associated 
with the buckling modes as shown by Table 7.2. To compensate for this reduction in the cross 
section area when using the simplified method of using 1D beam elements a few calibrations 
were carried out to determine the equivalent plate thickness to be used for the solid profile which 
produce the same properties of the perforated profile. 
A previous study by Gilbert and Rasmussen on drive-in racks subjected to fork lift truck impact 
[21, 22] used a similar upright profile to the one used in this project. In that study, to determine 
the effect of perforations on the upright segments four points bending tests were carried out on 
the uprights in two directions. One direction concerned bending about the minor axis, whereas 
the second direction concerned bending about the major axis of the cross-section. The tests done 
were in compliance with the testing requirements of the Australian standard AS4084:2012 [56] 
and the European standard FEM:1998 [45] for testing pallet racking. According to FEM (1998), 
the tests were carried out by loading the upright section in bending as shown in Figure 7.17. With 
such loading configuration, the bending moment in the middle section of the upright remains 
constant. The span of the upright segment, L, shall be such that: 
 
30D ≤ L ≤ 40D      (7.1) 
 
where D = depth of the upright being tested. 
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When the test is made to determine the bending strength about the axis of symmetry, FEM(1998) 
recommends that two upright sections be tied together back to back at intervals along their span 
as shown in Figure 7.17c to avoid flexural-torsional buckling. 
To determine the flexural rigidity EIy of the upright section about its major axis of bending, 
Gilbert [51] used two 4.9 metres long uprights that were bolted together web to web at regular 
intervals of 200 mm as detailed in Figure 7.18(a). The tests were performed using a 300 kN 
capacity MTS Sintech machine with a distance L between supports of 4.4 metres, satisfying 
Equation 7.1 with a depth D of 125 mm. The force F was applied through a loading frame 
mounted on half rounds to allow the force to be equally distributed into the two loading points as 
shown in Figure 7.18(b). Similarly, the uprights were supported on two half-rounds, and 
TEFLON pads were fitted below each half round to avoid axial forces from developing in the 
upright sections. Two LVDTs symmetrically located on each side of the uprights recorded the 
vertical displacement at mid-span as shown in Figure 7.18(b). For the determining the flexural 
rigidity EIx for the minor axis a similar setup to that used for the major axis was used. However, 
for the latter direction a 4.9m long upright was used and positioned with the lips facing 
downwards. Tests were performed with a distance L between supports of 3.6m, satisfying 
Equation 7.1 with a depth D of 98mm. The test setup for the minor axis bending using the four 
points bending is shown in Figure 7.19. 
 
(a)  
 
Figure 7.17: Four points bending test on upright sections according to FEM (1998): (a) Test 
setup, (b) upright frame configuration, (c) major axis test configuration, d) and (e) minor axis 
configuration for the two directions. 
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Figure 7.18: Test setup major axis bending; (a) intermittent tying bolts, and (b) setup (from [51]) 
 
 
 
 
 
Figure 7.19: Test setup for minor axis bending (from [51]) 
 
Using the virtual work theory for determining the deflection of beams, the flexural rigidity EI as 
function of the vertical beam deflection can be determined as follows: 
 
EIy=
0.5FLy
3
768 (
∆1+∆2
2
)
                                                             (7.2) 
 
EIx=
FLx
3
768 (
∆1+∆2
2
)
                                                              (7.3) 
where Ix and Iy are the second moments of area about the minor and major axes of the cross- 
section respectively, E is the Young’s modulus which was determined from coupon tests in [51] 
(b) 
(a) 
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and was found to be equal to 218325MPa on average. Lx and Ly are the distances between the end 
supports which correspond to bending the upright about its minor and major axes respectively. 
Also, Δ1 and Δ2 are the vertical displacements measured by LVDT1 and LVDT2 as schematically 
shown in Figures 7.18 and 7.19. The average flexural rigidity for the major axis direction EIy was 
found to be equal to 2.899e+11 N.mm
2
, whereas for the minor axis direction EIx was found to be 
equal to 1.496e+11 N.mm
2
. Using these test values for the major and minor axis respectively and 
the average Young’s modulus found from the coupon tests, the second moments of area for the 
section principal axes can be calculated as: 
Ix = 
1.496 × 1011
218325
  = 6.85 × 105 mm4 
Iy = 
2.899 × 1011
218325
  = 1.327 × 10
6 
mm
4
 
When comparing the values derived above for Ix and Iy based on the flexural rigidity tests done 
by Gilbert [51] to those values shown in Table 7.1 for the different cases of upright profiles, the 
following can be observed. Firstly, the second moment of area about the minor axis Ix derived 
from the four points bending tests is found to be similar to the value calculated for the same 
direction; that is 6.855 x 10
5
 for case 4 as shown in the table. Whereas, the second moment of 
area about the major axis Iy derived from the four points bending tests is found to be smaller than 
the value calculated for the same direction that is 1.41 x 10
6
 for case 4. This demonstrates that the 
values derived from Gilbert’s flexural rigidity tests revealed an effective second moment of area 
for the upright segment that is close to the values calculated for imaginary section about both 
axes when all bolt holes were considered to be in the same plane. 
However, as discussed in section 7.4.1.1, it is believed that the effective flexural rigidity of the 
upright should be close to the average values shown for cases 2 and 3 but not as small as that for 
the imaginary section as in case 4. In order to verify this, FE models were constructed for the 
same upright segments used in the flexural rigidity tests by Gilbert about both axes in order to 
simulate the four points bending tests on the uprights. The uprights were modelled using shell 
elements with the material properties taken from Gilbert’s test results (i.e. E=218325MPa). Two 
cases were studied for numerically determining the upright’s flexural rigidity about both axes. 
The first case was modelling the uprights using a solid profile with t=1.9mm throughout. Two 
models were created, one for loading the solid upright about its minor axis, and the second model 
for loading the upright about its major axis. In both models the mid-span loads were applied at 
distances which comply with loading requirements of the four points test as per FEM (1998). 
Therefore, for each loading direction, the loads were applied at different distances from the 
supports. In addition, in order to avoid the twisting of the section when loaded about the axis of 
symmetry, as mentioned previously FEM (1998) requires connecting two uprights back to back 
(recall Figure 7.17c). However, in the FE model this requirement was achieved differently. 
Instead of adding another upright and connecting it to the main upright segment, only one upright 
was modelled but in this case it was loaded at its shear centre. This alleviated the requirement for 
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restraining the twisting of the upright about its longitudinal axis. In order to simplify the 
modelling procedures the lateral load at the mid spans for the minor and major axis cases was 
applied at the shear centre. By doing so the only adjustment required was the span between the 
supports. A schematic diagram for the loading arrangements is demonstrated in Figure 7.20 for 
the major and minor axis loading cases using shell FE models for the solid upright profile. 
 
 
 
 
 
 
 
 
 
 
 
Figure 7.20: Four points bending simulation for the upright using FE shell models; (a) major axis 
loading, and (b) minor axis loading 
 
The analysis results for bending the upright about both axes (when loaded with a total in span 
load of 2.5kN) using the solid shell FE model are shown in Figure 7.21.  As shown, the 
maximum deflection at the upright mid-span was found to be 9.4mm and 9.1mm for bending 
about the minor and major axes respectively. Based on Bernoulli beam theory the mid-span 
deflection can be determined as  
 
I =
FL 3
768 E ∆
                                                                                 (7.4) 
where I, L, and Δ are the second moment of area, span between supports, and mid-span deflection 
for the direction under consideration respectively. 
Using Equation 7.4 and the analysis results shown in Figure 7.21 give the following second 
moments of area: 
300 1100 2200 1100 300 
1250N 1250N 
5000mm 
700 900 1800 900 700 
1250N 1250N 
5000mm 
(a) 
(b) 
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Ix (solid) = 
FLx
3
768 E ∆x
   = 8.11×10
6 
mm
4
 
Iy (solid) = 
FLy
3
768 E ∆y
   = 1.53×10
6 
mm
4
 
These results are in excellent agreement with the geometric properties listed in Table 7.1 for the 
solid profile case 1 which validates the accuracy of the shell element models. 
The second stage of this study was to repeat the same procedures above but using the perforated 
upright profile instead. The analysis results for loading the upright about its principal axes using 
shell elements and perforated profiles are shown in Figure 7.22. As shown, the maximum 
deflection at the upright mid-span was found to be 10.3mm and 9.6mm for bending about the 
minor and major axes respectively. Using Equation 7.4 and the analysis results shown in Figure 
7.22 give the following second moments of area: 
Ix (perforated) = 
FLx
3
768 E ∆x
  = 7.44×10
6 
mm
4
 
Iy (perforated) = 
FLy
3
768 E ∆y
  = 1.46×10
6 
mm
4
 
As shown, these results as expected were very close to the values listed in Table 7.1 for the 
perforated profile cases 2 and 3. It is not very clear why the values determined by Gilbert during 
for the four points bending tests gave values closer to the imaginary perforated profile. Different 
reasons may have contributed to the discrepancy, including differences that might have occurred 
between the actual distance between loading points in the test and those used in the analysis, or 
the data measured by the instrumentation (loads and displacements) might have experienced 
some noise during the tests. In any event, the values determined by the shell FE models for the 
perforated profile presented herein will be used for calibrating the cross-section properties of the 
perforated 1D beam element profile. 
To determine an equivalent section profile to be used for modelling the uprights using 1D beam 
element several iteration processes were carried out. To do this, the solid profile of the upright 
was modelled using the software ThinWall2 which has the capability of modelling different 
section profiles including open sections. The cross-section profile was then divided into small 
segments of which four of them were aligned with the location of the bolts holes. With multiple 
trial and error iterations it was possible to define an equivalent cross-section profile that 
accurately reproduced the perforated profile properties. Figure 7.23 shows the equivalent cross 
section profile after calibration. As shown, the cross-section geometric properties are in excellent 
agreement with the cross-section properties for cases 2 and 3 in Table 7.1, and the values 
determined from the FE analysis using shell elements for the perforated profile as demonstrated 
above.  
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(a) Bending the upright about its minor axis – solid profile 
 
  
(b) Bending the upright about its major axis- solid profile 
 
Figure 7.21: Four points bending simulation for determining numerically the flexural rigidity of 
the solid profile upright about its principal axes 
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(a) Bending the upright about its minor axis – perforated profile 
 
 
(b) Bending the upright about its major axis – perforated profile 
 
Figure 7.22: Four points bending simulation for determining numerically the flexural rigidity of 
the perforated profile upright about its principal axes 
Chapter 7 – Finite element analysis study of drive-in rack systems 
 
180 
 
 
 
+ 
 
    
 
Figures 7.23: Calibrated solid profile for the upright; (a) layout; and (b) geometric properties. 
 
The last step in verifying the accuracy of the calibrated profile was to model the uprights using 
1D beam elements, and assigning the equivalent solid profile shown in Figure 7.23(a) for the 
cross-section. In these models the uprights were modelled as vertical cantilevers and were loaded 
laterally at the free end as schematically demonstrated in Figure 7.24.   
(a) 
(b) 
S.C 
C.G 
13mm wide strip & 
1.05mm thick 
12.5mm wide strip 
& 1.05mm thick 
12.5mm wide strip 
& 1.05mm thick 
1.87mm thick 
throughout 
13mm wide strip & 
1.05mm thick 
X-axis 
Y-axis 
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Different segment lengths were used starting from 2000mm up to 50000mm and the lateral 
displacements at the top of the uprights were recorded for all cases. To examine the accuracy of 
the 1D beam model, the same upright segments with the same loading conditions were modelled 
using shell elements with the actual perforated profile. Figure 7.25 shows the analysis results of 
the 1D beam elements in comparison with the shell element models for loading the uprights in 
two directions. As shown, excellent agreement has been achieved between the equivalent solid 
profile using the 1D beam model and the actual perforated profile modelled using shell elements. 
It should be noticed in Figure 7.23(a) that the shape of the profile was modelled with all rounded 
corners taken into account. 
For studying the behaviour of drive-in racks in the down-aisle direction, a similar exercise was 
carried out by Ahmed [55] for determining an effective solid profile to be used for modelling the 
uprights using beam elements. However, in his calibration Ahmed used an approximate profile 
for the upright section using sharp corners instead of rounded ones. In addition, the calibration 
was done to match the results of the four points bending tests carried out by Gilbert [51]. As 
discussed previously the flexural rigidity of the uprights around both axes in those tests produced 
similar section properties to those found for the imaginary section profile (recall profile case 4 in 
Table 7.1). 
Simplifying the shape of the upright profile using sharp corners instead of rounded-corners was 
found to compromise the accuracy of the solution, especially when considering the cumulative 
effect of this approximation on all uprights in the global analysis model. When this simplified 
approach was tried out, it was found the global model using sharp corners could not predict 
accurately the initial stiffness of the rack structure determined from the actual tests. Moreover, 
the calibrated thickness determined for a certain segment length did not prove to be valid when 
changing the length of the upright. Therefore, it was necessary to calibrate the actual profile of 
the upright section as detailed above. This concludes the calibration of the upright section. 
 
7.4.2 Section properties and FE modelling of the Portal beams 
The portal beam profile as shown in Figure 7.26 is made of a 150mm deep, 1.9mm thick profile 
with lipped flanges. To allow the connection with other rack components, the portal beam is 
punched at the vertical web to allow connection with the vertical uprights, and another set of 
holes at the top and bottom flanges to allow connection with the diagonal braces as demonstrated 
in Figure 7.6. Contrary to the upright profile, the portal beam has all bolt holes in the same plan. 
Therefore, all sections cut through the bolt holes locations are identical. Table 7.4 summarizes the 
cross-section geometrical properties for the solid profile (i.e. halfway between the sections with 
holes), and the perforated profile for the portal beam. In order to determine the effect of 
perforations on the behaviour of the portal beams a numerical calibration study was carried out 
similar to the one presented for the upright section. Four point bending FE simulations using shell 
elements with the actual perforated beam profile were undertaken for both axes of bending. 
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Figure 7.24: Upright model using 1D beam elements with the calibrated profile vs shell element 
with actual profile when loaded laterally 
 
 
Figure 7.25: Lateral displacement of the upright segments using the 1D beam model with 
calibrated profile vs the shell element model with the actual perforated profile. 
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Figure 7.26: Portal beam profile; (a) cross section dimensions, and (b) 3D view 
 
 
Table 7.4: Portal beam cross-section geometric properties  
Portal beam cross-section geometric properties 
Cases Case 1 Case 2 
Section location 
Solid section halfway 
between section with holes 
Section taken at the 
location of the bolt holes 
Profile shape 
  
t (mm) 1.9 1.9 
A (mm
2
) 560 424 
Ix (mm
4
) 1.74x10
6
 1.35x10
6
 
Iy (mm
4
) 1.67x10
5
 1.48x10
5
 
J (mm
4
) 675 510 
Iw (mm
6
) 1.03x10
9
 9.2x10
9
 
Where: 
t = thickness 
A = cross section area 
Ix, Iy = second moment of area about the 
section principal axes 
J = torsional constant 
 
Iw = warping constant 
 
X-axis direction 
Y-axis direction 
(a) 
(b) 
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The beam was firstly loaded in bending about its major axis (the axis of symmetry) as shown in 
Figure 7.27. To avoid twisting of the cross section, the point loads were applied at the beam’s 
shear centre as shown. Also, the beam was loaded in bending about its minor axis through the 
shear centre which coincides with the centre of geometry. The spans between supports and the 
loading points were chosen to comply with the requirements of FEM(1998), which are function 
of the beam’s width and depths. The spans chosen for the four-point bending simulations are 
shown in the figure. Using the same Young’s modulus value of 218325MPa (as for the uprights) 
the mid-span deflections for bending about the major and minor axes were 9.26mm and 8.44mm, 
respectively, as shown in Figure 7.28. 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 7.27: Four points bending simulation for the portal beam using FE shell models; (a) major 
axis loading, and (b) minor axis loading 
 
Using Bernoulli beam theory for calculating deflections (Eqn. 7.4), the second moment of area 
for the perforated beam was determined as: 
Ix (perforate) = 1.507 × 10
6 
mm
4
  (major axis) 
Iy (perforated) = 1.554 × 10
5 
mm
4  
(minor axis) 
300 1100 2200 1100 300 
1250N 1250N 
5000mm 
300 500 1000 500 300 
1250N 1250N 
2600mm 
(a) 
(b) 
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(a) Bending the portal beam about its major axis – perforated profile 
 
 
(b) Bending the portal beam about its minor axis – perforated profile 
 
Figure 7.27: Four-point bending simulations for determining numerically the flexural rigidity 
of the perforated profile upright about its principal axes 
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Also, to determine the effect of perforations on the axial stiffness of the beam, a separate model 
was made using shell elements such that a segment length of 2500mm was loaded axially at the 
beam centroid. The axial load applied as 561N with a recorded axial shortening of 0.0135mm. 
Thus, the effective cross-section areas could be determined as:  
Aeff = PL/EΔ = 476mm
2
. 
By using several trial and error loops, the equivalent solid profile calibrated for the portal beam 
was found to be as shown in Figure 7.29. 
 
 
 
 
 
Figures 7.29: Calibrated solid profile for the portal beam; (a) layout, and (b) geometric properties. 
S.C C.G X-axis 
Y-axis 
13mm wide strip & 
0.88mm thick 
13mm wide strip & 
0.88mm thick 
13mm wide strip & 
0.88mm thick 
20mm wide strip & 
0.88mm thick 
13mm wide strip & 
0.88mm thick 
1.87mm thick 
throughout 
(a) 
(b) 
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To verify the accuracy of the equivalent section determined, the four point bending simulations 
have been repeated. However, this time the portal beam was modelled using 1D beam element 
models incorporating the equivalent solid profile as determined above. With the same loading 
and spans shown in Figure 7.26, the measured deflections about the major and minor axes were 
9.31mm and 8.5mm respectively (as compared to 9.26mm and 8.44mm for the shell element 
model). Furthermore, to verify the accuracy of the calibrated section to provide the same 
torsional behaviour as for the actual perforated beam the following calculations were carried out. 
Firstly, the portal beam reference buckling moment Mo has been calculated in accordance with 
the Australian standard to cold-formed steel design AS4600:2005 [100] using the section 
properties defined for the calibrated section. The reference buckling moment is calculated as 
follows: 
 
Mo = Cb A ro1 √𝑓𝑜𝑦𝑓𝑜𝑧 
Cb = 1 (factor for uniform bending) 
A=480.6mm
2
 
ro1=√𝑟𝑥2 + 𝑟𝑦2 + 𝑥𝑜2 + 𝑦𝑜2 
rx=56mm (radius of gyration about the x-axis) 
ry=17.9mm (radius of gyration about the y-axis) 
xo=26.64mm (x-axis coordinate for the shear centre relative to the centroid) 
yo=0.0  (y-axis coordinate for the shear centre relative to the centroid) 
Therefore, ro1 =64.54mm 
foy= 
𝜋𝑟2
(
𝑙𝑒
𝑟
)
2  =110.5MPa 
foz=    
𝐺𝐽
𝐴𝑟𝑜1
2 × (1 +
𝜋2𝐸𝐼𝑤
𝐺𝐽𝑙𝑒𝑧
2 ) = 185.9 MPa where Lez = 2500mm 
Therefore, Mo = 4.44 kN.m 
 
The same beam has been modelled in ABAQUS using 1D beam elements with the calibrated 
beam profile, and separately using shell elements with the actual perforated profile as shown in 
Figure 7.30. In the beam element model, a unit moment was applied at the beam ends and then a 
buckling analysis was carried out. The elastic buckling moment was found to be 4.44kN.m which 
is exactly matching the hand calculations as per the code. In the shell element model, point 
L=2500mm 
Mo Mo 
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moments of the value 23544N.mm were applied at the beam ends such that they produced a stress 
of 1MPa at the extreme fibre of the beam cross section. The elastic buckling coefficient 
determined from the buckling analysis using the actual perforated profile was 174.6 with the FTB 
mode as shown in Figure 7.30(b) with mid-span section displaced sideways and twisted. From 
this analysis, the reference buckling moment was then determined as 4.20kN.m. The final check 
was done by modelling the calibrated section profile and analysing the section by using the FSM 
using the software ThinWall. In the FSM model, the stress resultant 
 
 
 
Figure 7.30: Buckling analysis of the portal beam; (a) beam element with the solid calibrated 
profile, and (b) shell element with the actual perforated profile. 
(a) 
(b) 
Mid-span 
section 
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has been defined such that it produces a unit stress at the extreme bottom fibre. Multiple half-
wave lengths were defined in to provide insight information about the expected critical buckling 
stresses with different segment lengths. However, the one of most interest was the critical stress 
at a half-wave length equals 2500mm. At this length, the critical buckling stress of the calibrated 
beam profile was 186.3MPa as shown in Figure 7.31, which is equivalent to a critical reference 
buckling moment of 4.38kN.m. In addition, at this wave-length, as shown in Figure 7.31 the 
deformation at the critical location (i.e. beam mid-span) would be a flexural torsion buckling 
mode as demonstrated in the diagram which, matches perfectly with the buckling mode at the 
mid-span of the shell element model. 
As can be concluded from the above checks, and summarized in Table 7.5, that the buckling 
moment obtained for the calibrated portal beam solid profile is in excellent agreement with the 
results produced by the AS4600:2005, the shell FE element model, and the FSM models. This 
concludes the calibration of the portal beam profile. 
 
 
Figure 7.31: FSM signature curve for the calibrated portal beam section 
 
Table 7.5: Portal beam buckling analysis in bending 
Buckling analysis of the portal beam in bending 
Buckling analysis 
results 
AS4084:2012 using 
the calibrated profile 
FE using 2D-beam element 
with the calibrated profile 
FE using shell elements 
with the perforated profile 
FSM using the 
calibrated profile 
Critical buckling 
stress (foz) MPa 
185.9 N.A 175 186.3 
Reference buckling 
moment (Mo) kN.m 
4.44 4.44 4.20 4.38 
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7.4.3 Section properties and FE modelling of the frame bracings 
The frame bracing profile as shown in Figure 7.32 is a 50mm wide x 75mm deep x 1.9mm thick 
lipped C-section. To allow the connection with uprights, the frame bracings are punched only at 
their ends with a 13mm dia holes. Because of this, frame bracings are considered as solid profile 
sections. The cross-section geometric properties for the solid profile have been calculated as 
shown in Figure 7.32. In the upright frames, the frame bracings are used as top and bottom 
horizontal ties with an overall length of 1450mm, and also used as diagonal struts with an overall 
length of 1742mm as shown in Figure 7.33. Due to this difference in length, the critical buckling 
stress at which each member would experience instability when loaded in compression is 
different for each member. To determine the buckling stress, a FSM analysis model was created 
for the frame brace cross-section, and the cross-section signature curve was obtained as shown in 
Figure 7.34. Both members (horizontal and diagonals) experience global flexural-torsional 
buckling at wavelengths larger than 1400mm. Therefore, it can be expected from this that the 
design of these member will not be governed by local effects such local or distortional buckling. 
However, as shown, the horizontal brace members would experience buckling at a higher stress 
(approx. 180MPa), when compared to the diagonal braces which would experience FTB at a 
stress level of approximately 120MPa. 
 
 
  
 
Figure 7.32: Frame bracing cross section geometric properties 
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Figure 7.33: Upright frames with the frame bracings layout 
 
 
Figure 7.34: FSM signature curve for the frame brace section in compression 
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7.4.4 FE modelling of upright frames. 
The transverse shear stiffness of the upright frame is the main property that governs the lateral 
stability and frequency of the rack in the cross-aisle direction. It is required to accurately 
determine the cross-aisle displacement as well as the cross-aisle elastic buckling load and the 
frequency of vibration of the upright frame. The RMI:2008 [9] specification calculates the elastic 
buckling load of an upright frame with diagonal bracings using a design equation which is based 
on Timoshenko and Gere’s [41] shear formula. In this procedure, the upright frame shear 
deformation is assumed to be only due to the axial deformation of the bracing members. The 
procedure disregards the influence of other factors on the frame shear deformation such as 
flexural deformation of uprights and looseness of bracing to upright connections. A different 
approach is adopted by EN15512 (2009) [29] which requires testing to calculate the transverse 
shear stiffness per unit length of the upright frame. However, in this experimental approach, the 
transverse shear stiffness of the upright frame is determined indirectly as function of the 
longitudinal shear stiffness determined by tests for the same frame as demonstrated in Figure 
7.35. Yet, the calculation in EN15512 (2009), which is the same as that in RMI (2008), is based 
on Timoshenko and Gere’s [41] shear formula for determining the transverse shear stiffness 
accounting only for the axial deformation of the bracing members. 
 
 
Figure 7.35: Upright frame longitudinal shear stiffness test according to EN15512 (2009) [29] 
 
A few numerical and experimental investigations have been reported on the shear stiffness of 
storage rack upright frames with bolted connections [42-44, 101]. These studies showed the 
importance of including other factors than just the axial deformations of the bracings members 
when determining the upright frame shear stiffness. Firstly, the studies showed that the upright 
frame shear stiffness is low when sliding occurs between the uprights and the bracing members at 
the bolts, and that the frame stiffens considerately when the bolts are in bearing at the connection 
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between the uprights and bracings. Therefore, Beale [101] recommended that the effect of 
looseness of the bolts should be included as cross-aisle initial out-of-plumb. Secondly, the studies 
showed that Timoshenko and Gere’s theory [41] overestimates the shear stiffness by a factor of 
up to 20 when compared to the test results. In addition, when comparing the FE models analyses 
results with the test results, Rao et al. [42] showed that Finite Element models were not able to 
accurately reproduce the experimental test results and produced stiffness values 2 to 5 times 
greater than the test results. More importantly, by considering one by one the effects of the axial 
and flexural stiffness values of the uprights, the eccentricities between bracing members, uprights 
and bolts, the bending of bolts and the bolt rotational release in their FE models, Rao et al. [42] 
and Sajja et al. [43, 44] proved the importance of considering all these effects in determining the 
upright frame shear stiffness. 
An alternative to the EN 15512 (2009) test set-up has been  proposed by Gilbert [54], which has 
been imported into the latest version of AS4084 (2012) [56], by which the upright frame’s 
transverse shear stiffness is determined directly.  In the study, the upright frame was tested in 
combined bending and shear with firstly the base plate assembly bolted to the concrete floor (set-
up 1), and secondly the base of the upright supported on pins (set-up 2). During the tests, the top 
of the frame was restrained in the out-of-plan down-aisle direction, and a load F was applied in 
the cross-aisle direction as shown in Figure 7.36. When using the simplified test set-up (i.e. set-
up 2), the experimental transverse shear stiffness was found to be 0.95kN/mm.  
 
      
 
Figure 7.36: Alternative upright frame shear stiffness as per [54]; (a) set-up 1, & (b) set-up 2  
 
In addition, Gilbert [54] constructed FE numerical models for the upright frame (Figure 7.36a) 
and calibrated these against the experimental shear stiffness results. All frame bracings were 
connected to the uprights using M12 bolts which were tensioned with a  20N.m torque. During 
installation, Gilbert reported that the technician had to force the bracing members into place 
(a) (b) 
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between the flanges of the uprights, resulting in the uprights being in bearing with the bracing 
members. Gilbert added that the applied 20 N.m torque generated a significant amount of friction 
between the two members. Therefore, Gilbert considered the connection between the bracing 
members and the upright in the FE model as a fully rigid connection by assigning “welded” type 
connection in the FE model, based on the assumption that while testing the full-scale drive-in 
rack it was not expected that the cross-aisle displacement of the upright frames would induce 
sufficient moment in the connection to overcome the frictional moment. In addition, to comply 
with his assumption, Gilbert kept the experimental horizontal force F applied to the upright frame 
below the critical value inducing rotation between the bracing members and the uprights. 
The experimental lateral displacement Δ of the upright frame is plotted against the applied force 
“F” in Figure 7.37(a). The experimental load displacement stiffness “k” was found by 
performing a linear regression analysis of the experimental results and is shown in Figure 
7.37(b). The FE stiffness kFE,nom using the nominal cross-section area of the bracing of 283.7 mm² 
(non-calibrated model) is also plotted in Figure 7.37(b). The FE stiffness kFE,calibrated (calibrated 
model) is found to be equal to the experimental stiffness value “k” when the cross-section area of 
the bracing members is reduced by a factor of 2.7 to 104.5 mm². A summary of all stiffness 
values reported by Gilbert [54] is shown in Figure 7.37(c). 
 
 
 
Figure 7.37: Experimental and numerical results for the upright frame shear stiffness; 
(a) numerical mode, (b) experimental results, and (c) numerical calibration results 
 
The testing scheme and test results provided by Gilbert provide better insight into the shear 
behaviour of the upright frames and a precise estimate of their transverse shear stiffness, which 
overcomes the inaccuracies found when using the RMI (2008) or EN15512 (2009) procedures. 
(a) (b) 
(c) 
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Hence, these results can be used as benchmark data. However, the assumptions made in Gilbert’s 
FE numerical model need further consideration. Firstly, in his tests, Gilbert only loaded the rack 
with quasi-static lateral loads that were small enough to not overcome the friction in the 
connection between the bracings and uprights. However, this assumption is not valid for the 
seismic tests carried out in this project. In this research the rack structure will eventually be 
subjected to high lateral loads due to seismic motion which will overcome the friction in the 
connection. Secondly, the clamping effect reported by Gilbert during installation, and 
accordingly the implementation of a fully rigid connection between the brace and the upright may 
not be accurate and could have been accounted for differently. In general, the width of the frame 
bracing section relative to the width between the flanges of the upright section is made such that 
there is gap for tolerance (generally in the order of 2mm) that is sufficient for installing the 
bracings without these being jammed between the upright flanges. However, in reality, members 
potentially become distorted for many reasons such as construction tolerances, or impact during 
transportation. As a result, some bracing members might require force to be fitted in place but not 
necessarily all members require the same amount of force. Thirdly, the rigid joint assumption 
disregards the loosening effect the joint would normally experience due to the gap between the 
bolt and the edge of the bolt holes. In the case studied, the bolts used were M12, whereas the bolt 
holes in the frame brace are 13mm dia. Therefore, under large lateral loads, the brace axial force 
will eventually be large enough to overcome the static friction in the connection induced by the 
tensioning torque, after which the brace will slide inside the bolt hole until the bolts come into 
full bearing. This sequence is agreement with the recommendations proposed by Beale [101]. 
Because of these assumptions, and the additional stiffness added to the connections by rigidly 
connecting the braces to the upright, the upright frame stiffness obtained using nominal cross-
sections was substantially larger than what it should have been when compared to the test result. 
Furthermore, in his FE model, Gilbert [53] modelled the frame bracings using element type B33 
which ignores warping. For open sections such as those used in the rack studied, warping of the 
cross-section influences the torsional buckling behaviour and therefore ignoring warping would 
give inaccurate estimates of the flexural-torsional buckling strength. Gilbert’s study was mainly 
focusing on the global stability of the rack in the down-aisle direction when subject to forklift 
truck impacts, and for that reason the local torsional behaviour of the frame bracings did not have 
significant effect on the overall behaviour. However, when studying the rack behaviour under 
sever seismic loads, and particularly in the cross-aisle direction, the local stability of critical 
members such as frame bracings influences the overall stability of the frame. Therefore, 
modelling the frame bracings using an open section element type to account for warping is 
necessary. 
Reducing the frame brace section properties from the nominal values to the calibrated values is a 
common approach that has been reported in the literature [4]. However, this method might be 
accurate to determine the overall inelastic stiffness and accordingly the distribution of design 
actions using linear analysis methods. Whereas, using the reduced section approach in a nonlinear 
advanced analysis method for replicating nonlinear tests results would firstly lead to inaccurate 
estimates for the buckling load and buckling mode shapes of the frame bracings (especially if 
Chapter 7 – Finite element analysis study of drive-in rack systems 
 
196 
 
rigid restraints are added at the brace ends), secondly would cause the section to experience 
higher stresses than it would on the actual larger section, in addition to the enlarged local 
deformation of the brace. Therefore, the reduced section approach is not appropriate for the scope 
of this research project. 
To remove the above assumptions in Gilbert’s FE model a different calibration approach has 
been adopted herein. In this approach, the actual physical property of the brace connection has 
been taken into account, such that the connection would have the capacity to slide a distance of 
±0.5mm to resemble the gap between the bolts and bolt holes. Also, realistic boundary conditions 
that take into account the true rotational behaviour of the connection have been adopted. In this 
modified modelling technique, the only connection property that needs calibration for matching 
the test results would be the friction resistance in the connection which would inherently take into 
account the direct friction as a results of the tensioning torque, in addition to the indirect friction 
arising from the clamping effect due to imperfections and distortions in the connected parts. The 
main advantage of this modified calibration technique is that all members including uprights and 
brace bracings are modelled correctly using their nominal (or measured) dimensions, except for 
when the section is calibrated to account for perforations as explained in the previous sections. 
To carry out the calibration, a FE numerical model has been created for the upright frame which 
was an exact replication of the model created by Gilbert [53, 54]. The same material and cross-
section properties were used for the upright and frame brace. Also the same element types used to 
model the upright frame have been adopted. The cross-section properties used in Gilbert’s model 
are reproduced in Table 7.6. Also, the uprights were assigned pinned supports at their base in 
compliance with setup-2 in Gilbert’s stiffness tests. One difference encountered was that the 
material used in Gilbert’s model for the frame brace was 1.5mm thick whereas the frame bracings 
used in this research project was made of 1.9mm thick material. That explains the lower value of 
283.7mm
2
 for the gross area of the brace when compared to the value listed in Figure 7.32; that is 
362mm
2
. 
 
Table 7.6: Section properties used in the upright frame calibration model 
Member Name Gross area  
mm
2
 
Imajor axis 
 mm
4
 
Iminor axis 
 mm
4
 
J  
mm
4
 
Warping 
constant mm
6
 
Upright and cross-
aisle plan bracing 
RF12519
(1)
 727.9 1.328×10
6
 6.852×10
5
 780.6 2.51×10
9
 
Frame diagonal 
bracing  
C7515 104.5
(2)
 2.662×10
5
 9.928×10
4
 212.8 1.337×10
8
 
(1)
: From experimental 4 points bending results, 
(2)
: reduced calibrated cross section area 
 
As can be noted in Table 7.6, the second moments of area used in Gilbert’s model of the upright 
were the values obtained from the four point bending tests, while the rest of the properties are the 
nominal values. Also, the cross-section area of the frame brace was the reduced calibrated value, 
while the rest are the nominal values. The frame brace connection with the upright was initially 
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assigned a welded connection (i.e. fully rigid) to mimic the previous models. A lateral load of  
F=5kN was applied at the level of the top horizontal brace and the lateral frame displacement was 
found to be 5.33mm as shown in Figure 7.38(a). This is equivalent to a lateral stiffness of 
0.938kN.mm (approx. 0.94kN.mm) which is consistent with the value determined from the 
upright frame stiffness test. The second step was to change the frame brace cross-section area to 
the nominal value (that is 283.7mm
2
), and with the same lateral load applied, the top 
displacement was found to be 3.37mm. The latter model gives a lateral stiffness of 1.48kN/mm 
which is approximately 1.6 times greater than that obtained using the former FE model.  
 
   
Figure 7.38: FE models for the upright frame to mimic the FE analysis results in Gilbert [54], 
(a) reduced brace area, and (b) nominal brace area 
 
The third step was to amend the FE model by removing the rigid joints between the uprights and 
frame bracings and replacing them with the connection properties as proposed in this research. 
The new connection was assigned the new boundary conditions as shown in Figure 7.39. Also, 
the nominal cross-section area was assigned the frame brace. With the same lateral load, and with 
several iterations on the friction force added to the connection, the upright frame exhibited the 
same lateral stiffness as obtained experimentally. The top lateral displacement recorded as 
demonstrated in Figure 7.40(a) was found to be 5.26mm, which is equivalent to a lateral stiffness 
of 0.95kN.mm, this is perfect agreement with the test results shown in Figure 7.37. The last step 
in this calibration was to amend the upright section properties with those values presented in 
(a) (b) 
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Figure 7.23 since they are believed to represent the upright’s properties more accurately. After 
incorporating the amended upright properties, the friction resistance of the connection was tuned 
to produce the same lateral displacement (that is 5.26mm) at the level of the top horizontal brace 
as demonstrated in Figure 7.40(b). The friction resistance of the connection was modelled in the 
form of an elastic stiffness of 66750N/mm added at the bolt hole, which remains effective only 
within a sliding distance of ±0.5mm. Above or below this limit, an infinitely rigid support in the 
Ux direction is activated to represent the full bearing condition between the bolt hole and the bolt 
itself. A presentation to the new joint behaviour is demonstrated in Figure 7.41.  
 
 
Figure 7.39: Modified model and boundary conditions for the upright-brace connection 
 
      
Figure 7.40: FE models for the upright frame; (a) model with the new brace connection, and (b) 
same as case-a but with the amended upright properties as per Section 7.4.3 
X 
Y 
Z 
Ux Able to slide ±0.5mm 
Uy Restraint 
Uz Restraint 
Rx Restraint 
Ry Rotational spring 
Rz Free to rotate 
Frx Initial friction force 
(a) (b) 
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Figure 7.41: Modified connection between the frame brace and the upright 
 
One key difference in the behaviour of the frame bracing can be noticed when comparing the 
deformed shape of the bracings in Figure 7.38 with that in Figure 7.40. In the former, the frame 
brace deformed in double curvature owing to the rigid rotational restraints added at its end. 
Whereas, in the latter case the frame brace deformed as a 2
nd
 degree parabola with a single 
curvature thanks to releasing the rotation restraint in the Rz direction. Full scale tests performed 
on the rack structure (will be presented in Chapter 8) demonstrated that the frame bracings indeed 
deformed as shown in Figure 7.40, which validates the modified connection model implemented 
herein. This concludes the calibration of the upright frame. 
 
7.4.5 FE modelling of the pallet runner 
The pallet runner profile as shown in Figure 7.5 is made from 1.9mm thick plate with holes at the 
underside of the beam at 50mm intervals. The pallet runner is attached to the cantilever brackets 
which allow the vertical loads to be transferred by direct bearing. To prevent sliding, the pallet 
runner is tied to the cantilever bracket using a single M12 bolt at every bracket. From this 
arrangement, it can be concluded that the pallet runner can transfer vertical and lateral loads to 
the uprights along the three global axes, whereas the connection cannot transfer moments. 
Moreover, because the pallet runners span along the entire depth of the rack, they structurally act 
as a link which enforces lateral displacement compatibility between the uprights interconnected 
with any particular runner. 
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Despite having perforations at its underside of the pallet runner, it was found that the effect of 
these perforations on the overall behaviour of the rack is negligible, especially when considering 
the pin connection between the runner and the supporting bracket. Therefore, in the FE model the 
pallet runner was modelled using a solid profile. Also, the beam profile has been modelled as an 
open section profile with takes warping effects into account. For preventing local instabilities of 
the pallet runner along its longitudinal axis, the rotation in this direction has been restrained. In 
fact, when considering the line of action of the vertical load resultant on the pallet runner, it can 
be seen that pallet runner profile has been designed such that the resultant force is aligned with 
the shear centre of the runner as demonstrated in Figure 7.42. With such arrangement, the pallet 
runner will not twist when loaded vertically. Therefore, restraining the twist rotation along the 
runner’s longitudinal axis will not induce additional strains in the beam. 
 
  
Figure 7.42: Pallet runner shear centre alignment with the vertical load resultant 
 
7.4.6 FE modelling of the plan and diagonal bracings. 
The spine and plane bracings are made of circular hollow sections (CHS) with outer diameter of 
being 26.9mm and a thickness of 2mm. As shown in Figure 7.7, the CHS bracings are flattened at 
both ends to facilitate the bolted connection with the uprights and portal beams. Because of these 
end eccentricities, the diagonal bracings at the spine and at the top of the rack firstly are not 
aligned in the same plan as shown in Figure 7.43.  
 
   
Figure 7.43: Diagonal bracings arrangements; (a) plan bracings, and (b) spine bracings 
(a) (b) 
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Secondly, the eccentric axial forces in the bracings induce uniform bending moments in all 
diagonals along their entire length. The end eccentricities and the associated bending moments in 
the diagonal bracings cannot be ignored because they change the state of stress in the diagonals 
and hence influence their buckling resistance. Therefore, in the FE model, all diagonals were 
modelled using beam elements considering end eccentricities, not as truss elements as previously 
done in  Ahmed [55] and Gilbert [54].  
 
7.4.7 FE modelling of the concrete blocks 
The concrete blocks were modelled in the FE as solid blocks with the exact dimensions and 
material densities as constructed. The concrete blocks used were 1.1x1.1x0.7m in size with the 
block’s height being 0.7m. The weight of the concrete blocks was determined experimentally by 
weighing the blocks, and on average was found to weigh 1.87tons each. Circular hollow tubes 
were precast in the concrete form work as shown in Figure 7.44. These tubes were used later to 
insert safety chains (as will be shown in Chapter 8), which consequently tie the concrete blocks to 
the vertical uprights to prevent them from falling off the rack during testing. 
 
   
Figure 7.44: Concrete blocks used in the tests. 
 
7.5 FE modelling of the portal beam and base plate connections 
Different types of portal beam and base plate connections are used in storage racks to provide 
overall stability. Connections in storage racks are generally characterized by being semi-rigid, 
and each connection influences the rack behaviour differently depending on the direction under 
consideration, whether in the cross-aisle or the down-aisle direction. Predicting numerically the 
cold-formed steel semi-rigid behaviour of storage rack connections such as the portal beam to 
upright connection and base plate connection is not straightforward. A large number of variables 
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can influence the accuracy of the FE results when compared to the actual behaviour of these 
connections. Therefore, the majority of standards concerning storage racks such as AS4084 
(2012) [30], FEM10.2.07(2012) [27], and EN15512 (2009) [29] require the behaviour of the 
critical connections to be determined by experimental tests. The following sections describe 
previous research completed by Gilbert to determine experimentally the properties of the portal 
beam and base plate connections in the FE model used in this project. 
 
7.5.1 FE modelling of the portal beam connection 
Gilbert et al. [18] tested bolted moment connections used for drive-in rack steel racks. Those 
connections were found to be the same as the ones used in this research project. The moment 
connection studied consisted of 13mm diameter circular holes punched in both the portal beam 
web and the upright web, and two M12 bolts as shown in Figure 7.45(a). The test set-up used was 
very similar to the “portal frame test” procedures described in AS4084 [30] and EN15512 [29]. 
A schematic diagram for the portal frame test is shown in Figure 7.47(b). However, in those tests 
Gilbert et al. [18] proposed a modification by which the lateral load and horizontal displacements 
were applied and recorded at the top of the portal beam, and in which the connection stiffness 
was determined at that location. The experimental tests have been performed on three different 
portal frames, as required by AS4084 and EN15512 to allow for a statistical determination of the 
results. The first two frames were tested in the elastic range whereas the third frame was tested 
beyond the elastic range.  
  
Figure 7.45: Portal beam to upright connection test; (a) portal frame connection used as in Gilbert 
et al. [18], and (b) portal frame test arrangement as per AS4084 [30] . 
 
Three distinct phases were observed in the connection behaviour as shown in Figure 7.46. The 
first phase occurs during initial loading of the connection and when unloading or reloading. 
During phase 1, the connection is found to have high stiffness and the portal frame deforms 
mainly in a sway mode. Gilbert and Rasmussen explained the connection stiffness during phase 1 
(a) (b) 
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to be as a result of the friction forces developed between the portal beam and the upright due to 
the torque applied to the bolts. Indeed if the applied moment does not exceed the frictional 
moment then the portal beam is effectively restrained from sliding relatively to the upright as 
shown in Figure 7.46(a). The second phase is found to occur when the moment applied to the 
connection exceeds the frictional moment resistance of the connection. When that happens the 
portal beam starts to rotate with no increase in the bending moment carried by the connection. 
During phase 2 the connection stiffness is low and the portal frame continues to deform due to 
the connection opening and closing up as shown in Figure 7.46(b). During phase 2 the portal 
beam keeps rotating with a very low stiffness until the rotation reaches an angle where the bolts 
come into contact with the upright and upright bolt holes. When that happens the connection 
enters the third phase as shown in Figure 7.46(c). During phase 3 the connection gains stiffness 
again.  
 
 
Figure 7.46: portal beam to upright connection rotation during loaded phases (from [18]) 
 
Gilbert et al. [18] proposed that the moment rotation curve can be idealized by multi-linear 
moment rotation curves as shown in Figure 7.47(a) for the purpose of finite element modelling. 
Average stiffness values K1, K2, and K3 for phases 1, 2, and 3 respectively as well as average 
constant moments M1, M2, and M3 multi-linear moment rotation relationships for each phase are 
tabulated and reproduced in Figure 7.47(b). These stiffness values were adopted in the finite 
element models used in this research project, but an important modification needed to be applied. 
In Gilbert’s research the torque applied to tension the M12 bolts was 20N.m, whereas the torque 
applied in the current research was 54N.m to match with the standard torques used by the 
supplier in real jobs. To account for the increased torque the tabulated values shown in 
Figure 7.47 were scaled up proportionally to the increase in the applied torque. 
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Figure 7.47: Portal beam to upright connection properties; (a) experimental and idealized multi-
linear moment rotation curve, and (b) idealized connection stiffness (from [18]) 
 
7.5.2 FE modelling of the base plate connection. 
7.5.2.1 Base plate bending stiffness in the down-aisle direction 
The test arrangement for storage rack base plate connections bending in the down-aisle direction 
in EN15512 (2009) [29], which is referenced in FEM10.2.07 (2012) [27] as the testing 
procedures to be complied with, comprises two lengths of upright section that are at least four 
times the width of the upright section used. The uprights have to be fitted with base plates 
installed and anchored to a concrete block which represents the floor surface. The test set-up is 
shown in Figure 7.48. Jack J1 simulates the axial load in the upright while jack J2 applies a 
lateral load on the concrete block to generate the bending moment required at the base plate 
assembly connection. The EN15512 (2009) [29] specification states that the concrete block must 
be free to move horizontally but should be restrained from any rotations in plan. This is found to 
be inconsistent with test arrangements proposed since Jack J2 is connected to the base plate with 
a pinned joint.  
In view of this inconsistency Gilbert et al. [19] experimentally tested the base plate assembly by 
two methods. Method 1 was in accordance with the recommendation in EN15512 (2009) [29] 
such that Jack J2 was pinned connected to the concrete block and hence the concrete block was 
free to rotate about its vertical axis. In Method 2, the concrete block was connected to jack J2 in 
such a way that the rotation of the concrete block was prevented. The test set-up as per Method 2 
in Gilbert et al. [19]  was further implemented in the latest revision of AS4084 (2012) [30] for the 
base plate assembly testing. The test set-up for the base plate assembly as per Method 2 
(a) 
(b) 
Chapter 7 – Finite element analysis study of drive-in rack systems 
 
205 
 
in Gilbert et al. [19] and AS4084 (2012) [30] is shown in Figure 7.49. Both EN15512 (2009) [29] 
and AS4084 (2012) [30] require the base plate assembly stiffness to be determined for a range of 
axial loads. Accordingly, Gilbert et al. [19] tested the base plate assembly according to Method 1 
and Method 2 for a range of axial loads starting with a zero load, 33kN, 100kN, and 200kN, 
concluding that Method 2 is superior to Method 1. The moment rotation diagrams for the base 
plate assembly under different levels of axial force are shown in Figure 7.50. However, to 
account for the actual levels of axial forces in the uprights in the drive-in rack tests, a gravity load 
analysis was carried out, and the corresponding moment rotation curves for the different uprights 
have been determined as shown in Figure 7.51 using liner interpolation of the test data. 
 
 
 
Figure 7.48: Test arrangement for the base plate connection as per EN15512 (2009) [29] 
 
 
Figure 7.49: Test arrangement for the base plate connection as per AS4084 (2012) [30] (same as 
Method 2 in  [19]) 
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Figure 7.50: Test arrangement for the floor connection as per EN15512 (2009) [29] 
 
      
Figure 7.51: Moment rotation curves used in the FE model for the vertical uprights for the down-
aisle direction. 
 
7.5.2.2 Base plate vertical stiffness due to uplift 
The base plate stiffness in the vertical direction due to base plate uplift was determined based on 
the results of previous tests performed by Gilbert  [51]. In these test, a vertical uplift load was 
applied at the tip of a short segment of an upright as shown in Figure 7.52 while being anchored 
at its base using standard M12 bolts. The same base assembly used in the previous tests by 
Gilbert were used in the current research. Hence, the same load displacement curves were used in 
the FE analysis model which are demonstrated in Figure 7.53. One difference can be noted in the 
test set-up when compared to the racks constructed in practice that is the support condition. 
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Figure 7.52: Base plate uplift test set-up (from Gilbert [51]) 
 
Figure 7.53: Base plate uplift test results including the experimental and multi-linear 
approximation curves (from Gilbert [51]) 
 
In practice, storage rack base plates are bolted to a concrete slab, whereas in the tests the base 
plates were bolted to a steel frame. When anchoring the holding down bolts to a concrete slab the 
axial stiffness of the bolts in the vertical direction is lower when compared to the same bolts 
being anchored to a steel base. The main reason for this difference is the physical property of the 
connection such that in the former case the bolts are relying on the bond between the holding 
down bolts and the concrete, whereas in the case of a steel frame the connection is relying on 
steel parts bearing on each other. However, from the uplift stiffness tests, as discussed in 
Section 7.5.2.2, it was shown that the main source of flexibility of the base plate connection is 
due to bending of the 6mm base plate. Similar tests to those described in Section 7.5.2.2 are 
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reported in [102] in which the bolts in the base plate assembly were anchored to a concrete block 
while conducting the vertical uplift test as shown in Figure 7.54. These tests showed similar 
force-displacement curves with very little difference in the overall base plate uplift and hence the 
bending stiffness when compared to the case when the bolts were anchored to a steel rigid base. 
Therefore, the influence of the M12 bolts axial stiffness on the overall bending and vertical 
stiffness of the 6mm base plate assembly is believed to be negligible and should have 
insignificant effect on the overall behaviour of the rack. 
Another aspect in design to be considered when anchoring the holding down bolts to a concrete 
slab is the limit state failure mode of bolt failure such as pull-out of bars, concrete failure, or a 
combination of both. However, a proper design of the bolts by using the correct size of bolts, 
sufficient embedment, considering bolt group effects, etc. will prevent the bolts from pulling out 
the concrete slab before the rack reaches its ultimate load carrying capacity as per the design. 
 
    
(a)       (b) 
Figure 7.54: Base plate uplift test results with the base connection anchored to a concrete block, 
(a) Test set-up and (b) force vs displacement curve [102] 
 
7.5.2.3 Base plate bending in the cross-aisle direction 
The base plate bending behaviour in the cross-aisle direction, (i.e. bending the upright in the 
plane of symmetry), has not been covered in the literature. The only tests that are usually 
recommended by the different design standards are for the behaviour of the rack in the down-
aisle direction. Typically, the base plate connection for bending in the cross-aisle direction is 
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assumed to be a pin support. This assumption, in fact, is mainly dependent on the dimensions and 
thickness of the components used for the base plate assembly. To determine the bending stiffness 
behaviour of the base plate assembly in the cross-aisle direction an FE model was created to 
model the base plate and an upright attached to the base plate. The model has been calibrated to 
provide consistent results to those determined by Gilbert [19] for the down-aisle direction. The 
base plate FE model bending in the cross-aisle direction is shown in Figure 7.55. As shown in the 
figure, two loading directions were considered. The first was when the lateral load applied results 
in a compression force at the bolt line, whereas in the second load case the lateral load direction 
was reversed such that it resulted in a tension resultant force at the bolts line. In the former case, 
the base plate is bending predominantly in single curvature, whereas in the latter case the base 
plate is bending in double curvature which increases the bending stiffness of the base plate 
compared to the former case direction. Similarly to the down-aisle direction, the base plate model 
in the cross-aisle was loaded using different levels of axial loads, and for each axial load the 
bending stiffness was determined for the two bending directions as shown in Figure 7.56. The 
base plate bending stiffness was then assigned to every upright in the FE model based on the 
axial force in the upright under the gravity load case. 
 
7.6 Material properties in the FE model 
As discussed in Chapter 3, the material properties of the rack members were obtained using 
coupon tests. The modulus of elasticity (Young’s modulus), E, was determined from the tests as 
being 210,000 MPa., and  the yield stress was determined at the 0.2% proof stress and calculated 
as 483MPa. The modulus of elasticity is needed in the model for defining the elastic stiffness of 
the material used. In addition, it defines the point of first yielding in the nonlinear analysis 
procedures. The nonlinear stress strain curve of the tests material is shown in Figure 7.57. The 
data points of the stress-strain curve were provided to the FE model in the form of true stress vs 
true plastic strain. 
 
7.7 Construction of the overall FE model 
The FE model used in this research was created using the software Abaqus V6.14 [103]. The rack 
members were modelled using beam elements, whereas the concrete blocks were modelled using 
solid brick elements. The detailed procedures for modelling each element and the connection 
properties were similar to those described in Shaheen [33] and Gilbert [53]. The reader is referred 
to these references for more details about the definition of the different beam elements used in the 
model, in addition to the definition of the different connections and the assignment of rigid links. 
Figure 7.58 shows an image of the constructed FE model for the drive-in rack studied in this 
research project 
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(a) Bending direction is causing compression at the bolts line 
 
 
(b) Bending direction is causing tension at the bolts line 
Figure 7.55: Base plate FE model for numerically determining the bending stiffness in the cross-
aisle direction. 
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 Figure 7.56: Base plate bending stiffness in the cross-aisle direction. 
 
 
 
Figure 7.57: Engineering stress-strain curve for the rack material (from Ahmed [55]) 
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As discussed in Ahmed  [55], the inelastic material data was provided to  the FE mode in the 
form of true stress and true plastic strain. Additionally, the modulus of elasticity, corresponding 
to the slope defined by the first yield point was provided. The inelastic material data points used 
in Ahmed are listed in Table 7.6, which are used to model the inelastic material properties in the 
FE models developed in the current research project. 
 
 
Table 7.6: Stress-strain data points for the rack material used in the FE models [55] 
Test Data Abaqus input 
Nominal stress  
MPa, σnom 
Nominal strain  
MPa, σnom 
True stress  
MPa, ϵtrue 
True plastic strain  
MPa, ϵplastic 
300 0.00143 300 0 
440 0.00253 441 0.00043 
500 0.0045 502 0.0021 
515 0.01 520 0.00748 
520 0.02 530 0.01728 
527 0.03 543 0.02698 
532 0.04 553 0.03659 
535 0.05 561 0.04612 
536 0.06 568 0.05557 
536 0.07 574 0.06493 
534 0.08 576 0.07422 
529 0.09 576 0.08344 
520 0.1 572 0.09259 
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Figure 7.58: FE constructed model for the numerical simulation of drive-in racks. 
 
In addition, for verification purposes the model FE was studied under the gravity load case when 
the rack was loaded by 27 concrete blocks weighing 2.0 tons each. The axial load diagram of the 
uprights as shown in Figure 7.59 is in consistent agreement with the expected vertical load 
distribution. The uprights at the corners of the rack carried close to ¼ of the weight of the 
concrete blocks in their tributary area (i.e. 3 blocks x 2tons x 0.25 =1.5tons ~15000 N), whereas 
the perimeter uprights carried close to ½ of the weight of the concrete blocks in their tributary 
area (i.e. 3tons ~ 30000N). The internal upright are the most heavily loaded uprights (i.e. 3 blocks 
x 2tons x 1 = 6tons ~ 60000N). A similar load distribution can be seen from the analysis diagram 
shown in Figure 7.59. In this figure the blocks were kept in the view to show all different 
elements used in the FE model for modelling the rack and the concrete blocks. This verifies the 
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model’s accuracy in capturing the correct load path and results for the gravity load case. An 
eigenvalue analysis was carried out as well in order to determine the fundamental vibration 
modes in the three global directions. The first 10 eigenmodes and eigenvalues were recorded for 
determining the mass participation factor from each mode, and hence determining the critical 
mode shapes that needed to be considered in the analysis and design when using linear analysis 
and design procedures such as the Equivalent Lateral Force (ELF) method. Figure 7.60 shows the 
first four eigenmodes, whereas the direction of vibration and corresponding frequencies for the 
first 10 eigenmodes are listed in Table 7.7.  
 
 
Figure 7.59: Axial force distribution in the drive-in rack uprights for fully loaded rack with 27 
concrete blocks weighing 2 tons each. 
 
Table 7.7: Frequency (eigenvalue) analysis results 
Mode Direction 
Frequency 
(Hz) 
Mode Direction 
Frequency 
(Hz) 
1 Uz 1.46 6 Uz 4.64 
2 Ux 2.45 7 Uz 5.34 
3 Ry 3.35 8 Uz 5.46 
4 Uz 3.77 9 Ux 5.59 
5 Ux 4.31 10 Uz 5.65 
*Ux, Uy, Uz: Displacement in the global x, y and z axes 
*Rx, Ry, Rz:  Rotation about the global x, y and z axes 
Corner upright 
Interior upright 
Perimeter upright 
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Figure 7.60: Eigenmodes shape for the first four vibrational modes obtained from the FE analysis 
 
The Modal mass for the first 10 vibrational modes in the global axes are shown in Figure 7.61. It 
can be concluded that for the rack structure vibrating in the lateral z-direction, the first five 
vibrational modes would need to be considered to achieve a mass participation ratio that is 
greater than 90% [62] (i.e. 43.5+7.82+2.29+1.85=55.46 > 0.9x60tons = 54tons). Whereas, for 
vibrating in the lateral x-direction, considering only the first and second vibrational modes would 
be sufficient (i.e. 57.9t > 0.9x60=54t) with a mass participation ratio of 96.5%. 
One important feature included in the analysis model was the ability of the uprights to lift off the 
ground at the base plate level as demonstrated in Figure 7.62. The ability of the FE model to 
(a) Mode shape 1 (b) Mode shape 2 
(c) Mode shape 3 
(d)  
(d) Mode shape 4 
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dislodge vertically and achieve equilibrium when one upright is resting on the ground while the 
opposite upright is lifted up was important because the fundamental period of vibration increases 
when the base of uprights lift off the ground, and hence the dynamic properties of the rack 
change during the earthquake event. Capturing this change in the dynamic properties of the rack 
during the earthquake excitation was crucial to be able to accurately predict the true response of 
the rack during the seismic experimental tests.   
 
 
Figure 7.61: Modal mass for the first 10 vibrational modes determined from the FE analysis. 
 
     
Figure 7.62: FE model predicting the uprights when lifting of the ground during earthquake 
excitations. 
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A second important feature included in the analysis model was the ability of the concrete blocks 
to slide on the pallet runners as demonstrated in Figure 7.63. The ability of the FE model to 
capture this sliding was of a great importance because when the concrete blocks slide forwards 
and backwards on the pallet runners this in turn reduces the effective mass that is engaged with 
the rack during the seismic excitation. The base shear which acts on the structure during an 
earthquake event is the sum of the products of the effective mass of each concrete block and the 
horizontal acceleration of the same block. Hence, capturing the change in the effective mass of 
the rack during the earthquake excitation was crucial to be able to accurately to predict the base 
shear the structure would experience during the seismic test. 
 
  
 
 
Figure 7.63: FE model predicting the concrete block sliding during seismic excitations 
 
Additional verification checks were carried out in order to examine and verify the accuracy of the 
numerical models constructed in this research. For this verification, the numerical model results 
were compared against experimental bench mark results. Ahmed [55] tested the same rack 
studied in this research but in the down-aisle direction. Ahmed tested drive-in racks with multiple 
spine bracing configurations as shown in Figure 7.64. The free vibration frequencies determined 
from the tests are reported in Table 7.8. For verification, the same rack structure has been 
modelled numerically with the spine bracing configurations shown in Figure 7.65. The natural 
frequency depicted from the FE models developed herein for the same bracing configurations are 
shown in Figure 7.65 and included in Table 7.8. As shown, the results obtained from the FE 
models are in excellent agreement with the test results. Moreover, similar free vibration tests 
(a) Undeformed shape 
before excitation 
(b) Concrete blocks sliding 
during the EQ excitation 
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were carried out for the same rack in the cross-aisle direction as will be discussed in Chapter 8. 
The rack structure has been tested under two different configurations of diagonal bracings as 
shown in Figure 7.66. The natural frequencies determined from the tests in the cross-aisle 
direction are listed in Table 7.9. Excellent agreement is achieved between the FE model results as 
shown in Figure 7.67 (also included in Table 7.9) and the test results obtained for the drive-in 
rack in the cross-aisle direction with different frame bracing configurations. 
 
    
 
Figure 7.64: Drive-in rack in the down-aisle direction with different spine bracing configurations. 
 
 
Table 7.8: Free vibration frequency results for the tested rack in the down-aisle direction 
Spine bracing 
configuration 
Fundamental period, T (sec) 
(from Ahmed [55]) 
Natural frequency, f (Hz) 
(from Ahmed  [55]) 
FE model 
f (Hz) 
D.I.1 0.68 1.47 1.46 
D.I.2 0.84 1.23 1.26 
D.I.3 1.04 0.96 0.96 
D.I.4 1.28 0.78 0.77 
 
 
Table 7.9: Free vibration frequency results for the tested rack in the cross-aisle direction 
Spine bracing 
configuration 
Fundamental period, T 
(sec) 
Natural frequency, f 
(Hz) 
FE model 
f (Hz) 
C.I.1 0.41 2.44 2.45 
C.I.2 0.91 1.10 1.09 
 
  
Configuration D.I.1 Configuration D.I.2 Configuration D.I.3 Configuration D.I.4 
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Figure 7.65: Natural frequency for the tested drive-in rack in the down-aisle direction with 
different spine bracing configurations using the FE analysis models. 
Configuration D.I.1 Configuration D.I.2 Configuration D.I.3 Configuration D.I.4 
Configuration D.I.1: f=1.462Hz Configuration D.I.2: f=1.255Hz 
Configuration D.I.3: f=0.958Hz Configuration D.I.4: f=0.773Hz 
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Figure 7.66: Drive-in rack in the cross-aisle direction with different frame bracing configurations. 
 
   
 
Figure 7.67: Natural frequency for the tested drive-in rack in the cross-aisle direction with 
different frame bracing configurations using the FE analysis models. 
 
Configuration C.I.1 with D.I.1  Configuration C.I.2 with D.I.1 
Configuration C.I.1: f=2.45Hz Configuration C.I.2: f=1.09Hz 
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This level of calibration, as discussed in the previous sections, despite being tediously thorough 
and requiring extensive effort to achieve a high level of accuracy was nevertheless important to 
undertake. This is because without any calibration and using blind calculations for the cross-
section properties or connections stiffness, the predicted rack response may be different from 
what was observed in the test results. For instance, when using the nominal cross-section 
properties of the diagonal braces with fully rigid connections, as discussed in section 7.4.4, the 
predicted rack stiffness in the cross-aisle direction was overestimated by a factor of 1.4. 
Furthermore, when only calibrating the cross-section properties of the diagonal braces and using 
a blind assumption for the behaviour of the diagonal brace-to-upright connection assuming a fully 
rigid joint, the end connections of the diagonals became over-constrained causing them to buckle 
in a double curvature fashion, instead of the sine-wave buckling mode shape observed in the 
tests. In turn, this overestimated the flexural-torsional buckling capacity of the diagonal braces. 
Therefore, proper modelling and calibration of the different parameters including geometric 
properties and connection stiffness was essential for achieving accurate results. 
The drive-in racks studied in this research were not originally designed to be seismically 
resistant. The cross-section profiles for the different rack components are based on what is 
commonly used in practice, and particularly by Dematic. However, from a previous Masters 
study completed by the author [33], it was concluded that racking structures with similar profiles 
to those used in the current study are able to withstand almost two times the applied vertical 
loads. Based on this finding, it was understood that the rack structure would have the capacity to 
resist additional loads which could be due to seismic excitations. Therefore, the main purpose of 
the current research was to determine the seismic capacity of commonly used drive-in racks and 
determine the ductility factors to use in seismic design. 
In summary, a comprehensive study using FE analysis models was carried out to study drive-in 
racks. The models constructed were calibrated on the components levels including uprights, 
portal beams, and base plate connections. In addition, the models were calibrated on the global 
level for obtaining the same shear stiffness as that determined from experimental tests, in to 
obtaining the same fundamental periods of vibration in the down-aisle and cross-aisle direction. 
The FE model developed herein has been constructed such that it took into consideration the 
looseness of the brace member connector to the upright, the lifting of the base plate off the 
ground, and the sliding of the concrete blocks on the top of the pallet runners. The model was 
found to predict the experimental results of drive-in racks with excellent accuracy as shown in the 
previous sections. This concludes the construction and calibration of the FE models. 
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CHAPTER 8 
 
EARTHQUAKE TESTS ON DRIVE-IN RACKS 
 
8.1 Introduction 
This Chapter describes the experimental work performed for testing drive-in racks in the cross-
aisle direction when subjected to seismic loads. The Chapter presents the different stages that 
took place in preparation for the tests, and carrying out the experiments. These include the test 
set-up, safety measures put in place, instrumentations used and their layout, ground motions used 
for the earthquake tests, non-destructive frequency tests, and the destructive tests carried out on 
the rack. Two-full scale drive-in racks were tested with two different structural systems. The first 
system, called “system 1” is the standard cross-aisle frame with diagonal bracings placed from 
top to bottom in the frame. The second system, named “system 2” is a modification of system 1 
such that the cross-aisle frames behave more like portal frames. Also, the Chapter presents 
conclusions based on the structural system behaviour observed for the different systems tested. 
 
8.2. Test rig and specimen arrangement 
As discussed in Chapter 4, the test set-up consists of a grid of RHS125x75x6 tubes connected to a 
horizontal actuator bolted to the concrete slab of the structures laboratory. The test rig is 
supported on 16 sliding skates which slide along I-beams attached to the ground (Figure 8.1) with 
four skates placed on each I-beam. The skates on the I-beams are positioned under the vertical 
uprights on each grid. The anchor points of the rig were positioned such that they allowed the 
rack to be tested in two perpendicular directions (Figure 8.2). One direction concerns the 
earthquake testing of drive-in racks in the down-aisle direction whereas the second direction is 
for testing the rack in the cross-aisle direction. The drive-in rack test specimens consisted of a 3 
bay wide by 3 pallets deep by 3 levels of pallet runners. The tested racks were fully loaded with 
27 concrete blocks with a total mass of 54 tons (Figure 8.3). 
 
8.3. Bracing configurations for the cross-aisle frames. 
The cross-aisle frames of drive-in racks are made of a series of upright frames which are 
interconnected by a combination of diagonal and horizontal bracings. Most of the cross-aisle 
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frames used in the industry for most of the racking systems such as selective racks, drive-in 
racks, and cladding racks are installed with diagonal bracings which extend to the full heights. In 
other words, the diagonal bracings are placed from top to bottom of the upright frames as shown 
in Figure 8.4(a). The cross-aisle frames with this bracing configuration are considered to behave 
as fully braced trussed frames.  The drive-in rack system with cross-aisle frames featuring top to 
bottom bracings is a referred as “system 1”. 
 
  
Figure 8.1: Test rig arrangement 
 
   
Figure 8.2: (a) Test rig base plates, (b) Cross-aisle orientation, (c) Down-aisle orientation. 
 
   
Figure 8.3: Drive-in rack specimen layout 
(b) (c) (a) 
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However, another system has also been investigated in which the bottom diagonal bracings are 
omitted as shown in Figure 8.4(b). With this modification the structural response of the cross-
aisle frame changes significantly from being a very stiff fully braced frame to a more flexible 
portal frame. The latter system is referred as “system 2”. Both system1 (fully braced) and system 
2 (portal frame) were tested to examine their response to seismic loads. 
 
   
 
Figure 8.4: Cross-aisle frame systems studied. 
 
8.4. Safety measures taken for seismic tests 
Different safety measures were put in place to avoid undesired types of failure which would 
cause serious hazards during the tests in terms of injuries or damage to equipment.  
The first safety measure taken was by tying the four top corners of the specimen down to the test 
rig using shackles and safety cables with a tension capacity of 2.5 tons each (Figure 8.5). The 
cable lengths were calculated such that their predefined sag allowed the frame to sway freely 
during the earthquake without restraining the desired failure modes. However after reaching the 
pre-calculated lateral sway, which would allow the frame to experience the desired level of 
damage and ductility, the cables would become activated. Therefore, the cables would only stop 
the frame from excessive sway, thus avoiding instability and complete collapse of the whole rack. 
A second safety measure was taken by using a set of safety slings to loosely tie the concrete 
blocks to the vertical uprights of the frame as shown in Figure 8.6. These slings would stop the 
(a) Fully braced frame system – System 1 (b) Portal frame system – System 2 
Chapter 8 – Earthquake tests on drive-in racks 
 
225 
 
pallets from dropping off the rack due to excessive sliding, and would also prevent the blocks 
from dropping off through the rack in case the supporting pallets should break. 
A third safety measure was taken at the test rig level by adding end stoppers to the roller I-beams. 
The stoppers were made from steel angles with one leg bolted to the top of the I-beams attached 
to the ground and the other standing vertically to provide an end barrier as shown in Figure 8.7. 
The end stoppers accounted for any possibility of connection failure between the jack and the 
shake table during strong earthquake excitation. Adding the stoppers ensured that the shake table 
would not slide off the I-beams and potentially hit the end wall of the laboratory. 
Other safety measures were put in place to protect the working station, jack control unit and data 
loggers by fencing them off with concrete blocks as shown in Figure 8.8. Moreover, a safety steel 
capping was placed over the oil ducts as shown in Figure 8.9 to protect them from damage in the 
case of being hit by concrete blocks falling off the rack. Furthermore, an additional manual valve 
was installed on the connection between the oil supply line duct and the oil pump line as shown 
in Figure 8.10 to be able to quickly shut the oil supply line in case of any failure in the ducts or 
connections near the test rig. 
 
    
Figure 8.5: Safety cables; (a) West side, (b) East side 
 
(a) (b) 
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Figure 8.5 (continued): Safety cables; (c) top joint, (d) bottom joint 
 
  
Figure 8.6: Concrete safety slings 
 
       
Figure 8.7: End stopper angles 
 
(c) (d) 
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Figure 8.8: Concrete blocks for fencing off the working station and data loggers 
 
 
Figure 8.9: Channel sections for capping the oil ducts 
 
 
Figure 8.10: Safety valve on the connection between the pump line and the jack supply line 
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8.5. Experimental tests on System 1 drive-in racks (fully braced cross-aisle frames) 
8.5.1 Instrumentation layout for the System 1 cross-aisle frames 
Four different types of instrumentation were used for data recording. The first type was strain 
gauges used for calculating the axial forces developing in the uprights and diagonal braces. The 
strain gauge readings were of great importance during the seismic test; firstly because they 
provided data for calculating the design actions in the members, and secondly because the strain 
readings in the critical components were used as an indicator for how far the structure could be 
pushed to take more loads, or whether the structure was close to reaching an ultimate limit by 
exceeding the yield strength of the material. Therefore, it was important before running the test 
firstly to determine the critical components of the rack system, and secondly to choose the 
appropriate locations for the strain gauges on these critical members. For this purpose, an elastic 
finite element push-over analysis was carried out of the rack structure. From this analysis, the 
load and stress distribution on the structural members were monitored to determine the critical 
members and the collapse sequence of the structure. The push-over analysis results are shown in 
Figure 8.11 with a discussion on each analysis step as follows: 
Figure 8.11a: The structure was loaded laterally to the right as shown by the red arrow. This 
loading direction caused the bottom diagonal bracings to develop compression forces. In 
addition, the compression force in the diagonals induced localised bending stresses in the bottom 
segments of the uprights, especially in the most highly axially loaded uprights (U6 and U10). 
Figure 8.11b: The structure was pushed further in the same direction as shown by the red arrow. 
As shown, the two inner bottom diagonal braces of upright frames 4 and 6 carrying the maximum 
axial compression forces started to buckle. As a result, the stress concentration due to bending in 
the uprights U8 and U12 was released owing to the loss of stiffness of the diagonal bracings. 
Also, because of the buckling of the bottom diagonals in upright frames 4 and 6, the opposite 
bottom diagonals in upright frames 3 and 5 started to pick up more load due to the load 
redistribution taking place with the change of stiffness. As a result, uprights U6 and U10 started 
to resist more load with an increase in the localised stresses due to bending in the bottom segment 
as shown. 
Figure 8.11c: The structure was pushed further in the same direction as shown by the red arrow. 
As shown, the four inner bottom diagonal braces of upright frames 3, 4, 5 and 6 buckled. As a 
result, the stress concentration due to bending in the uprights U6, U8, U10 and U12 was released 
owing to the loss of stiffness of the bottom diagonal bracings. Also, because of the buckling of 
the bottom inner diagonals, the external bottom diagonal bracings in upright frames 2 and 8 
started to pick up more load. 
Figure 8.11d: The structure was pushed further in the same direction as shown by the red arrow. 
As shown, the four inner bottom diagonal braces of upright frames 3, 4, 5 and 6 in addition to the 
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external bottom diagonals in upright frames 2 and 8 are buckled. As a result, the two remaining 
external bottom diagonals in upright frames 1 and 7 started to resist the lateral load. 
Figure 8.11e: The load on the structure was gradually reversed to the opposite direction. Despite 
reducing the lateral load on the structure, the bottom diagonal bracings which buckled in the 
previous load steps remain highly stressed as shown due to bending residual stresses as shown.  
Figure 8.11e: The load on the structure was increased further in the opposite direction as shown 
by the red arrow. This loading direction caused all bottom diagonals to go into tension forces, and 
as shown, mostly all bottom diagonals are engaged. 
 
 
   
  
Figure 8.11: FE push-over analysis for determining the critical members – System 1 
(a) (b) 
(c) (d) 
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Figure 8.11 (continued): FE push-over analysis for determining the critical members – System 1 
 
From the previous analysis of the behaviour of the rack in the cross-aisle direction when 
subjected to seismic loads the following can be concluded. The bottom inner diagonal bracings 
are the most critical diagonals to be monitored during the test. Also, the bottom segments of 
uprights U6, U7, U10 and U11 are the most critical owing to the high stress concentrations due to 
the eccentric forces applied by the interconnected diagonal bracings. 
Four uprights were chosen for instrumentation with strain gauges as shown in Figure 8.12. 
Uprights U11, U13 and U16 were assigned four strain gauges each (SG1 to SG4) which are 
located on the inner and outer walls of the cross-section. The strain gauges are located on the 
centroidal line of the cross-section, and positioned at a distance equal to 260mm measured from 
the base of the uprights. This distance was chosen almost mid-way between the base of the 
upright and the point of intersection of the upright with the bottom diagonal brace to minimise 
the influence of local effects on the readings. Upright U10 was instrumented with eight strain 
gauges (SG1 to SG8) such that four strain gauges (SG1 to SG4) were positioned to align with the 
centroid of the cross-section, same as the other three uprights, whereas the remaining four strain 
gauges were installed on the lipped flanges of the cross-section. The strain gauges SG1 to SG4 on 
all uprights were used to determine the axial force on the cross-section. Whereas, strain gauges 
SG5 to SG8 were used to detect the bending strains on the upright at the section where the critical 
moments were expected. Similarly, the critical diagonal bracings were instrumented with strain 
gauges as shown in Figure 8.12. The bottom diagonal bracings and horizontal bracing of upright 
frames 5 and 6 where chosen for monitoring. Four strain gauges were installed on the cross-
section on both the inner and outside wall positions on the centroidal line of the cross-section. 
The readings from the four strain gauges were then used to calculate the axial force in the braces. 
Figure 8.13 shows the stain gauges when installed on the different members. 
(e) (f) 
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The second type of instrumentation was accelerometers which are used for measuring ground 
accelerations at the rig level and also the inertia accelerations at concrete block levels as shown in 
Figure 8.14. In order to capture the sliding of the concrete blocks relative to the supporting 
structure, a group of accelerometers was placed, (at all levels and in each storage bay), on the 
concrete block, on the pallet under the concrete block and on the horizontal beam in the same 
storage bay. Each group provided three different acceleration readings at the same location by 
which the relative sliding between the concrete block, pallet and steel frame could be recorded, 
thus allowing the effective mass of the system to be determined. 
 The third type of instrumentation was for measuring the frame lateral sway in the cross-aisle 
direction. As mentioned in Section 4.4.4of Chapter 4, two types of LVDTs were used to measure 
the lateral displacements. The first was a long-range LVDT with a total span of 1400mm, 
whereas the second type was a short-range LVDT with a total span of 600mm. The LVDTs 
allowed the displacements to be measured in the longitudinal (cross-aisle) direction at three 
vertical levels as ±700mm and ±300mm from the initial horizontal position, respectively. 
 
 
   
 
Figure 8.12: Strain gauges on the critical uprights and braces – system 1 
(a) Plan view 
(b) Section view 
Upright 
Brace 
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Figure 8.12 (continued): Strain gauges on the critical uprights and braces – system 1 
 
        
    
Figure 8.13: Strain gauges installed as per System 1 on (a) upright U10, (b) upright U11, (c) 
diagonal braces and (d) horizontal braces. 
 
(a) (b) 
(c) 
(c) Elevation view 
(d) 
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Figure 8.14: Accelerometers installed on (a) concrete block, (b) pallet, (c) portal beam, (d) test rig 
 
A total of eight 1400mm LVDTs were used, such that four were placed at the top level and four 
were placed at mid-height. A total of two 600mm LVDTs were used at the two corners of the test 
rig to record the ground displacement. The fourth type of instrumentation measured the 
displacement in the down-aisle direction using laser sensors placed on the rack. An instrument 
frame attached to the ground was constructed comprising three horizontal beams onto which the 
transducers projected a laser beam to measure the relative displacement of the rack. A total of 
eight 200mm range lasers were used, such that four were placed at the top level and four were 
placed at mid-height. A total of two 10mm range lasers were used at the two corners of the test 
rig. The two instrumentation frames for the cross-aisle and down-aisle directions, LVDTs, and 
laser sensors are shown in Figure 8.15. 
The base shear was determined using two different methods. The first was based on direct 
readings from the load cell attached to the test rig after subtracting the friction force, calculated 
using the separately obtained relationship between friction force and payload. In the second 
method, the base shear was calculated as the product of the measured acceleration of the concrete 
blocks and their masses. The second method was found to give very similar results to the first 
method and was used to verify the base shear calculated from the load cell readings. 
 
(a) 
(d) (c) 
(b) 
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Figure 8.15: Displacement measuring devices; (a, b) cross-aisle LVDTs, (c, d) down-aisle laser 
sensors 
 
8.5.2 Ground motion records and scaling factors – System 1 
Three different ground motions simulating actual records obtained around the world were used 
for the test as listed in Table 8.1. Each signal needed to be rescaled according the procedures 
specified in NZS 1170.5 [62] and as discussed in detail in Chapter 6 so that they matched the 
target spectrum used over the period range of interest. To determine the fundamental period of 
the drive-in rack in the cross-aisle direction, frequency analyses were carried out using FE 
models developed for the rack as discussed in Chapter 7. The analyses indicated that the 
fundamental period of the system 1 rack in the cross-aisle direction was ~0.42sec (2.45Hz). 
According to NZS 1170.5, the period range for scaling the earthquake signal is between 0.4T and 
1.3T, which translated to between 0.17 sec and 0.55 sec. Figure 8.16 shows the response 
spectrum curves for the ElCentro-180 earthquake (unscaled vs scaled) in comparison to the target 
(a) (b) 
(c) (d) 
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response spectrum chosen for the test. The figure also shows the period range within which the 
earthquake signals were scaled to match the target spectrum. 
 
Table 8.1: Earthquake records used in the tests with system 1 
Record Name  Station  Date  Magnitude  Mechanism  Scaling 
El Centro-180  117 El Centro 
Array #9  
Imperial Valley 
19/05/1940  
M (7.0)  Strike Slip  1.28 
Duzce-180  Duzce  Duzce, Turkey 
12/11/1999  
M (7.14)  Strike Slip  0.82 
Tabas-LN  Tabas  Tabas, Iran 16/09/1978  M (7.35)  Reverse  0.40 
 
 
 
Figure 8.16: Scaling of ElCentro signal to match the target response spectrum for system 1 tests 
 
8.5.3 Frequency tests – System 1 
The first group of tests carried out on the system 1 drive-in rack frame was for determining the 
dynamic properties of the structure including the natural frequency and damping. The frequency 
tests were first performed on the empty rack as shown in Figure 8.17, and then the fully loaded 
rack for comparison. To determine the natural frequency of the system the structure was pushed 
laterally at its base using step loads for a very short distance with different jack speeds, and then 
the free vibration response of the rack was recorded. Table 8.2 summarizes the frequency tests, 
with the forward and backward directions referring to the extension and contraction of the jack. 
The natural frequency of the empty rack was found to be ~ 4.6Hz. The same empty rack was 
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studied using an FE analysis model taking into consideration the reduced axial loads in the 
uprights and the corresponding bending stiffness of the base plate as per Figure 7.51 and 
Figure 7.55. The natural frequency determined numerically for the empty rack was about 4.7Hz 
which is in good agreement with the value obtained from the free vibration tests (i.e. 4.6Hz). The 
frequency of the fully loaded rack was found to be ~ 2.44Hz which is approximately half of the 
empty rack value. However, when comparing the total mass of the empty rack (~1.0ton) to the 
fully loaded rack (~55tons), one would expect to find the empty rack frequency to be about seven 
times the fully loaded rack value had the stiffness been the same, which apparently was not the 
case. 
 
Table 8.2: Frequency tests carried out on System 1 drive-in racks 
Test # Direction Stroke speed Distance travelled 
1  Forward 90 mm/sec  5 mm 
2 Backward 90 mm/sec 5 mm 
3 Forward  120 mm/sec  5 mm 
4  Backward 120 mm/sec  5 mm 
5 Forward  150 mm/sec  5 mm 
6 Backward 150 mm/sec  5 mm 
 
The increased stiffness of the rack with the applied gravity loading may have the following 
explanation. Firstly, it was observed during the empty rack tests that the base plate assembly 
lifted off the rig anchor plates while vibrating. This uplift increased the period of the free 
vibration and hence reduced the stiffness of the empty rack. Secondly, when the structure was 
loaded with concrete blocks, all connections were tightened due to the induced high friction 
forces, which were in addition to the high bearing forces on the bolts which were not overcome 
under low levels of excitations. Moreover, the heavy masses carried by the uprights caused the 
gaps between the base plate assemblies and the anchor plates at the rig level (Figure 8.18) to 
close. In addition, the added heavy weight prevented the uplift of the base plates during the free 
vibration of the structure. The masses also induced friction between the pallets and rail beams, 
which added stiffness to the frame through the in-plane shear stiffness of the pallets. This all 
contributed to increasing the stiffness of the loaded structure, relative to the stiffness of the 
unloaded structure. This reduction in stiffness of the unloaded rack and increase in stiffness of the 
loaded rack are likely to explain why the ratios between the frequencies of the two racks is about 
two and not about seven as indicated by the mass ratio between the two racks.  
Figure 8.19 shows the free vibration displacement response measured in the cross-aisle direction 
of the fully loaded drive-in rack. Similarly, Figure 8.20 shows the free vibration acceleration 
response of the same rack in the cross-aisle direction. 
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Figure 8.17: Empty drive-in rack ready for the frequency tests – System 1 
 
  
Figure 8.18: Gap (and loss of bearing) at the base plates of the empty drive-in rack. 
 
 
Figure 8.19: Free vibration displacement response of the fully loaded rack – System 1 
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Figure 8.20: Free vibration acceleration response of the fully loaded rack – System 1 
 
The damping of the structure was determined from the decay of the free vibration response as 
demonstrated in Figure 8.20 over ten cycles. The damping ratio was found to be in the range of 
3.5%~4.0%.  
 
8.5.4 Non-destructive seismic tests (in the elastic range) – System 1 
The first set of earthquake tests conducted on the system 1 drive-in rack structure in the cross-
aisle direction was non-destructive. In this set, the non-destructive tests were performed such that 
earthquake-induced stresses on the different rack members remained within the elastic range of 
the material. For these tests, the peak amplitude of the applied earthquake signals was capped at 
30% of the earthquake magnitude. Several tests were performed using the three earthquake 
signals in the elastic range as listed in Table 8.3.  
 
Table 8.3: Earthquake signals and scaling factors used in the elastic tests – system 1 
Test # Earthquake Scaling 
factor 
PGA 
(mm/sec2) 
Behaviour 
1  ElCentro 10% 393 (0.04g) Elastic 
2 ElCentro 15% 589 (0.06g) Elastic 
3 ElCentro 20% 786 (0.08g) Elastic 
4  Duzce 10% 276 (0.028g) Elastic 
5 Duzce  20% 552 (0.056g) Elastic 
6 Duzce 30% 828 (0.084g) Elastic 
7 Tabas 10% 418 (0.042g) Elastic 
8 Tabas 15% 627 (0.063g) Elastic 
9 Tabas 20% 836 (0.085g) Elastic 
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These tests provided insight into the 3D elastic behaviour of the rack, force distribution with 
height, and stiffness of the structure. The lateral responses of rack in the cross-aisle direction for 
the Duzce 30% and Tabas 20% time histories are shown in Figure 8.21. The test results showed 
that the lateral displacements in cross-aisle direction at all grids were almost identical despite the 
increased mass contribution of the middle bay, implying that the drive-in rack in the cross-aisle 
direction was moving almost as a rigid block as schematically demonstrated in Figure 8.22. This 
is likely to be the result of the: (a) top plane bracing which constrained all grids to move 
similarly, (b) low level of excitation which kept the structural elements within their elastic range 
with no signs of buckling or local deformation, (c) friction between pallets and rail beams which 
combined with the shear stiffness of the pallets constrained the adjacent bays to move as a rigid 
body. Also, for the different earthquake waveforms used in the elastic range, it was evident that 
the frequency of the structure did not change and was about 2.44Hz in the cross-aisle direction 
for the fully loaded system 1 rack. 
 
 
 
Figure 8.21: Seismic response of the fully loaded rack in the elastic range using different 
waveforms (a) Duzce 30% and (b) Tabas 20% – System 1  
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Figure 8.22: Rigid body displacement of the drive-in rack in the elastic range – System 1 
 
In addition, the lateral displacement of the drive-in rack in the down-aisle direction was 
monitored using laser sensors at the top and mid-height levels of the rack. As expected the rack 
did not experience substantial lateral movement in the down-aisle direction as shown in 
Figure 8.23. This was due to the almost symmetrical loading condition on the rack in the cross-
aisle direction in addition to the low level of excitation (i.e. < 30%), which did not excite the 
twisting mode of the rack which includes a displacement component in the down-aisle direction. 
The peak down-aisle displacement in the elastic range was ranging between ±2mm. 
 
 
Figure 8.23: Down-aisle displacement of the drive-in rack in the elastic range – System 1 
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8.5.5 Destructive seismic tests in the cross-aisle direction – System 1 
The second set of earthquake tests, named as destructive tests, was conducted on the drive-in rack 
frame until the structure reached failure. For this set, only the ElCentro earthquake waveform was 
used throughout the tests. However, the load was applied as a series of scaled earthquake signals 
with 5% increments until the structure reached failure at 115% (PGA ~ 0.46g), after which the 
test was terminated due to excessive damage in the uprights and the diagonal braces. Figure 8.24 
shows the consecutive curves for the recorded base shear vs top relative displacement of the rack 
starting from 5% to 115% of the ElCentro earthquake. As shown, the maximum measured base 
shear was about 200kN, recorded in the 85% ElCentro earthquake test with a corresponding 
maximum displacement of about 70mm. 
   
 
Figure 8.24: Base shear vs top relative displacement hysteresis curves starting from 5% up to 
115% ElCentro-180 earthquake with 5% increasing increments – System 1 
 
Figure 8.25 shows the displacement time history measured at the top of the rack in the 30% and 
115% of the ElCentro earthquake test. It can be seen that the rack swayed at a higher frequency 
for the 30% excitation compared to the response of the rack for the 115% excitation, which 
highlights the loss of stiffness at increased levels of damage. Figure 8.26(a) and Figure 8.26(b) 
show the total peak top and relative (i.e. rack minus the base) displacements of the rack 
respectively starting from 5% excitation (i.e. elastic range) till the point of complete failure. As 
shown, the rack reached a maximum relative lateral displacement of about 150mm at the 115% 
scaling ratio.  
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Figure 8.25: Displacement time history of the fully loaded rack using ElCentro waveform – 
elastic (30%) vs plastic response (115%) - System 1 
  
    
Figure 8.26: Maximum displacement response for ElCentro time history – System 1; (a) total and 
(b) relative displacement 
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To summarize the key features of the structural response shown in Figure 8.24, an envelope for 
all earthquake test results has been plotted which encapsulates all test data recorded in terms of 
base shear vs top lateral displacement. The response envelope is shown in Figure 8.27. As also 
demonstrated in Figure 8.26(b), the rack response increased almost linearly till approximately 
30% - 40% of the peak amplitude. Between 40% and 50% of the peak amplitude the rack 
behaved nonlinearly due to the increased base plate uplift which caused the structure to sway 
more (increased period of vibration), but the material remained elastic in all members with no 
sign of yielding. At 55%, local material yielding in the uprights at the connection with the 
diagonal braces started to appear, however the diagonal braces remained linearly elastic. After 
70%, the bottom diagonal braces started to deform out-of-plane in a flexural-torsional buckling 
mode, with increased local deformation in the uprights due to material yielding. From 85% up to 
115% of the earthquake signal, all middle bottom diagonal braces buckled and two were torn 
apart at their mid-span due to the consecutive cycles of compression and tension with the 
increased base shear. The loss of stiffness in the two inner upright frames (on grids B and C) 
caused a significant increase in the lateral displacement of the inner grids compared to the 
external upright frames (on grids A and D) as shown in Figure 8.28. 
Figure 8.29 shows the vertical displacement response of the corner uprights U13 and U16. This 
shows the effect of the flexibility added to the structural system due to the base plate uplift. The 
figure shows the push-pull effect on the uprights and base plates such that at any point in time 
when upright U13 is undergoing vertical uplift the opposite upright U16 is under compression 
with full contact with the test rig, and vice versa. 
 
 
Figure 8.27: Envelope response for the destructive tests using ElCentro earthquake - System 1 
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Figure 8.28: Displacement response at Level 2 for 85% ElCentro – System 1  
 
 
 
Figure 8.29: Base plate uplift for uprights U13 and U16 at 85% ElCentro – System 1  
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8.5.6 Structural behaviour analysis and redundancy of system 1 
Owing to the accumulated damage with increased earthquake intensity, the structure started to 
gradually loose stiffness. This was firstly a result of the increased level of base plate uplift 
causing yielding of the base plate assembly, and subsequently buckling of diagonal braces, and 
yielding and damage of uprights as shown in Figure 8.30. These factors lead to sequential 
changes in the cross-aisle frame behaviour. Stage 1, as shown in Figure 8.31a, was when the 
structure was loaded with low amplitude earthquakes, during which all members including 
uprights and diagonal braces were intact (i.e. elastic). However, with increased earthquake 
amplitudes, the uprights experienced local yielding, in addition to buckling of the bottom 
diagonal braces of the inner four frames which rendered them increasingly ineffective. This 
configuration is shown in Figure 8.31b and noted as stage 2. With further increase in the 
earthquake magnitude, the interior uprights experienced severe damage at their connection with 
the diagonal braces. In addition, the remaining bottom diagonal braces of the four exterior upright 
frames also buckled and became ineffective, as shown in Figure 8.31c and noted as stage 3. 
Further increase in the earthquake magnitude caused a redistribution of strain actions by which 
the base shear was resisted by portal frame action of the uprights. This system is the last stable 
structural system, in which plastic hinges started to occur in the uprights at the lower beam levels 
and after which the frame formed a mechanism and became unstable. The test data showed that 
the drive-in rack in stage 3 was substantially more flexible than in stage 1 with a natural 
frequency of approximately ~1.0Hz as compared to 2.44Hz for stage 1. 
From this analysis it can be concluded that drive-in racks loaded seismically in the cross-aisle 
direction with the upright frames configuration as per system 1 (i.e. fully braced from top to 
bottom) are redundant structures capable of redistributing the earthquake induced base shear 
through different structural mechanisms. Starting with a fully braced frame system, the cross-
aisle frames are very stiff while they remain elastic, which induces high forces in the bottom 
diagonal braces. However, when the braces fail due to excessive accumulated damage, whether 
due to material yielding and/or instability due to flexural-torsional buckling, firstly the upright 
frames become more flexible, which helps to reduce the base shear, and secondly the structural 
system changes from being a braced frame system to a predominantly portal frame system 
relying on the remaining bending capacity of the uprights. In effect, this represents a transition of 
the cross-aisle frame from system 1 to system 2. 
The excellent agreement between the progressive failures observed in the cross-aisle rack 
components during the seismic tests with those predicted using the FE analysis models is 
noteworthy, also as discussed in Section 8.5.1. As previously shown, the FE analysis predicted 
that the first diagonal braces to experience instability were those in the upright frames 4 and 6, 
followed by the buckling of the diagonal braces of frames 3 and 5. Also, the FE models showed 
that uprights U6 and U10 would experience high concentration of local bending stresses at the 
connection with the interconnected diagonal braces. Furthermore, the FE models showed that 
uprights U8 and U12 would initially experience local stresses when the interconnected braces 
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were intact. However, when the diagonal braces in upright frames 4 and 6 buckled the local 
stresses in the uprights U8 and U12 reduced significantly leaving the uprights undamaged.  
 
    
       
    
Figure 8.30: Damage in the drive-in rack frame during the destructive earthquake tests – System 1 
 
(a) (b) 
(c) (d) (e) 
(f) (g) 
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Figure 8.31: Change in cross-aisle structural systems during an earthquake event – System 1 
Four ineffective braces in the 
inner upright frames 
Eight Ineffective braces in all 
upright frames 
(b) Stage 2 of System 1 
(a) Stage 1 of System 1 
(c) Stage 3 of System 1 
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8.6. Experimental tests on System 2 drive-in racks (portal frame cross-aisle frames) 
8.6.1 Instrumentation layout for System 2 the cross-aisle frames 
As for system 1, four different types of instrumentation were used for data recording. The first 
type was strain gauges used for calculating the axial forces developing in the uprights, and also 
for monitoring the level of strain at the critical cross-section of the uprights when they exceeded 
the material yield strain. As discussed previously, the system 2 cross-aisle frames (i.e. portal 
frame action) are more flexible than those in system 1. The structural stability of system 2 mainly 
depends on the capacity of the uprights to resists bending moments and axial forces. Once the 
induced earthquake bending moments exceeded the bending capacity of the uprights, the 
segments with the maximum bending moments became effectively like plastic hinges. When this 
happened and owing to the low bending stiffness of the base plate in the cross-aisle direction, this 
created a structural mechanism since the lower segment of the upright in this case became 
bounded by two hinges, (a soft story mechanism), as schematically demonstrated in Figure 8.32. 
To verify the above structural concept FE analysis models were created for the system 2 drive-in 
rack. A push over analysis was carried out such that the rack was pushed laterally, and the 
stresses were monitored throughout the analysis until the rack reached failure. The observed 
different stages of behaviour are as follows: 
Figure 8.33a: The structure was loaded laterally to the right as shown by the red arrow. As can be 
seen, all 16 uprights are engaged and resist almost equally the lateral force utilizing the bending 
capacity of the upright sections. In contrary to system 1, the diagonal bracing above the first 
pallet runner levels are not heavily engaged in providing lateral stability due to the absence of the 
bottom diagonal brace which caused a discontinuity in the truss frame load path. 
 Figure 8.33b: The structure was pushed further as demonstrated by the red arrow. As shown, all 
16 uprights are still engaged uniformly and resist almost equally the lateral force utilizing the 
bending capacity of the upright sections. 
Figure 8.33c: When loading the structure further in the same direction the applied bending 
moments in the uprights reached the bending capacity of the uprights. At this point, the rack 
became unable to resist further lateral load and as a result the rack started to sway rapidly 
dissipating the earthquake-induced energy in the form of increased plastic deformation at the 
plastic hinges.  
Figure 8.33d: When increasing the lateral sway of the rack, the load carrying capacity of the 
structural system started to drop significantly. This is an indication of a soft storey formation 
which is generally a highly undesirable mechanism. This was mainly due to the formation of the 
plastic hinges at the critical sections of the uprights (near the first level of pallet runners), which 
together with the semi-rigid base plate connections form a mechanism similar to the expected 
behaviour of system 2 shown in Figure 8.32(b). 
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Figure 8.32: Change in cross-aisle structural systems during an earthquake event – System 2 
 
    
   
Figure 8.33: FE push-over analysis for determining the critical sections – System 2 
(a) Stable portal frames (b) Unstable frames with two hinges in each upright 
(a) (b) 
(c) (d) 
Chapter 8 – Earthquake tests on drive-in racks 
 
250 
 
Based on the above analysis, eight uprights were chosen to be installed with strain gauges. 
Uprights U9 to U16 inclusive were installed with four strain gauges (SG5 to SG8) each placed on 
the front lips of the upright profile (recall Figure 8.12(b)), and positioned at the level just below 
the first pallet runner (at 1170mm measured from the base). The readings from those strain 
gauges were used to detect the bending-induced stresses at the critical cross-sections, and to give 
guidance on when to terminate the experiments before reaching a complete collapse. Uprights 
U10, U11, U13 and U16 were installed with four strain gauges SG1 to SG4 (located at 260mm 
from the base) in order to determine the axial force in the uprights. The different strain gauges 
used for the uprights in the system 2 seismic tests are listed in Table 8.4. Also, Figure 8.34(a) 
shows the strain gauges installed on upright U13 with strain gauges SG1 to SG4 at RL+260mm, 
while Figure 8.34(b) shows the strain gauges on upright U14 with strain gauges SG5 to SG8 at 
RL+1170mm.  
 
Table 8.4: Strain gauge distribution among the instrumented uprights for system 2 
Upright RL 
Strain gauges 
1 2 3 4 5 6 7 8 
9 +1170         
10 +1170         
11 +1170         
12 +1170         
13 +1170         
14 +1170         
15 +1170         
16 +1170         
10 +260         
11 +260         
13 +260         
16 +260         
 
     
Figure 8.34: Strain gauges arrangement - system 2; (a) U13 at +260mm, (b) U14 at +1170mm 
(a) (b) 
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8.6.2 Ground motion records and scaling factors – System 2 
Three different ground motions simulating actual records obtained around the world were used 
for the test as listed in Table 8.5. Each signal needed to be rescaled according the procedures 
specified in NZS 1170.5 [62] and as discussed in detail in Chapter 6 so that they matched the 
target spectrum used over the period range of interest. To determine the fundamental period of 
the system 2 drive-in rack in the cross-aisle direction, frequency analyses were carried out using 
FE models developed for the rack. The analyses indicated that the fundamental period of the rack 
as discussed in Chapter 7 in the cross-aisle direction was ~0.91sec (1.1Hz). According to 
NZS 1170.5, the period range for scaling the earthquake signal is between 0.4T and 1.3T, which 
translates to the range between 0.36 sec and 1.17 sec. Figure 8.35 shows the response spectrum 
curves for the Tabas-L1 earthquake (unscaled vs scaled) in comparison to the target response 
spectrum chosen for the test. The figure also shows the period range within which the earthquake 
signals were scaled to match the target spectrum for system 2. The ElCentro and Tabas signals 
used for the system 2 tests were different from those used for the system 1 tests, whereas the 
Duzce signal is the same waveform used with both systems. 
 
Table 8.5: Earthquake records used in the tests with system 2 
Record Name  Station  Date  Magnitude  Mechanism  Scaling 
El Centro-180  El Centro Array #9  Imperial Valley-02 
19/05/1940  
M (6.95)  Strike Slip  1.4 
Duzce-180  Duzce  Duzce, Turkey 
12/11/1999  
M (7.14)  Strike Slip  0.8 
Tabas-L1  Tabas  Tabas, Iran 16/09/1978  M (7.35)  Reverse  0.6 
 
 
 
Figure 8.35: Scaling of Tabas L1 signal to match the target response spectrum for system 2 tests. 
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8.6.3 Frequency tests – System 2 
The first group of tests carried out on the system 2 drive-in rack frame was for determining the 
dynamic properties of the structure including the natural frequency and damping. The frequency 
tests were first performed on empty racks, and then the fully loaded racks for comparison as 
shown in Figure 8.36. To determine the natural frequency of the system the structure was pushed 
laterally at its base using step loads for a very short distance with different jack speeds, and then 
the free vibration response of the rack was recorded. Table 8.6 summarizes the frequency tests 
conducted, with the forward and backward directions referring to the extension and contraction of 
the jack respectively. The natural frequency of the empty rack was found to fall between 4.7 Hz ~ 
5.0Hz for the various tests conducted. Figure 8.37 shows the change in strain reading in upright 
U10 during the free vibration of the rack for the empty rack case. The natural frequency 
determined for the fully loaded rack was found to be ~ 1.1Hz, which is approximately half the 
natural frequency determined for system 1 for the same load case.  Similarly, Figure 8.38 shows 
the change in the free vibration strain reading in upright U10 for the fully loaded rack. The 
experimentally determined frequency (1.1 Hz) for the system 2 drive-in rack was found to be in 
excellent agreement with the natural frequency determined from the FE analysis model (1.09 Hz). 
 
 
Figure 8.36: Frequency tests carried out on system 2 for the empty rack and fully loaded rack 
 
Table 8.6: Frequency tests carried out on system 2 drive-in rack 
Test # Direction Stroke speed Distance travelled 
1  Backward 90 mm/sec  50 mm 
2 Forward 90 mm/sec 50 mm 
3 Backward 90 mm/sec  50 mm 
4  Forward 90 mm/sec  50 mm 
5 Backward 90 mm/sec  50 mm 
6 Forward 90 mm/sec  50 mm 
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Figure 8.37: Upright U10 free vibration strain readings for the empty system 2 rack 
 
 
Figure 8.38: Upright U10 free vibration strain readings for the fully loaded system 2 rack 
 
The damping of the system 2 structure was determined from the decay of the free vibration 
response as demonstrated in Figure 8.38 over ten cycles. The damping ratio was found to be in 
the range 3.5%~4.0%, which is similar to the critical damping ratio determined for system 1. This 
implies that changing the structural system of the cross-aisle frames from being fully braced as in 
system 1 to a series of portal frames as in system 2 had negligible effect on the damping 
properties of the drive-in rack structure. 
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8.6.4 Non-destructive seismic tests (in the elastic range) – System 2 
The first set of earthquake tests conducted on the drive-in rack in the cross-aisle direction was 
non-destructive. In this set, the non-destructive tests were performed such that earthquake-
induced stresses on the different rack members remained within the elastic range of the material. 
For these tests, the peak amplitude of the applied earthquake signals was capped at 20% of the 
earthquake magnitude. Several tests were performed using the three earthquake signals in the 
elastic range as listed in Table 8.7.  
 
Table 8.7: Earthquake signals and scaling factors used in the elastic tests – system 2 
Test # Earthquake Scaling 
factor 
PGA 
(mm/sec2) 
Behaviour 
1  ElCentro 10% 430 (0.044g) Elastic 
2 ElCentro 15% 644 (0.065g) Elastic 
3 ElCentro 20% 860 (0.088g) Elastic 
4  Duzce 10% 269 (0.027g) Elastic 
5 Duzce  15% 404 (0.041g) Elastic 
6 Duzce 20% 538 (0.055g) Elastic 
7 Tabas 10% 502 (0.0512g) Elastic 
8 Tabas 15% 753 (0.077g) Elastic 
9 Tabas 20% 1005 (0.102g) Elastic 
 
These tests provided insight into the 3D elastic behaviour of the rack, force distribution with 
height, and stiffness of the structure. The lateral displacement responses at the top level of the 
rack in the cross-aisle direction for the three earthquake signals Duzce-20%, ElCentro-20% and 
Tabas-20% are shown in Figure 8.39. The test results showed that the lateral displacements in 
cross-aisle direction at all grids were almost identical despite the increased mass contribution of 
the middle bay. In addition, as per the displacement responses of the top level (LVL4) and at 
mid-height (LVL2) shown in Figure 8.40 it was found that the lateral displacements at both levels 
for the same grid were almost identical. This implies that the drive-in rack in the cross-aisle 
direction was moving almost as a rigid block. The same observation was found in the non-
destructive tests of system 1. 
The lateral displacement of the drive-in rack in the down-aisle direction, during the cross-aisle 
testing, was monitored using laser sensors at the top and mid-height levels of the rack. As shown 
in Figure 8.41, the rack experienced larger displacements in the down-aisle direction at the front 
side of the rack (North) than at the back side (South) where the spine bracing was located. The 
maximum lateral displacement at the front side was about ±6mm, whereas the displacement at the 
spine bracings side was about ±1mm.  It should be noticed that the twisting mode shape for 
system 2 was more apparent than for system 1. A reason for this result could be the reduced 
stiffness in the cross-aisle direction for system 2 which was close to the stiffness of the rack in 
the down-aisle direction, hence triggering the twisting vibrational mode in the system 2 test. 
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Figure 8.39: Seismic response of the fully loaded rack in the elastic range using different 
waveforms (a) Duzce 20%, (b) ElCentro 20%, and (b) Tabas 20% –  System 2 
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Figure 8.40: Displacement response of the fully loaded rack in the elastic range at different levels 
using Tabas 20 (a) Grid A, and (b) Grid B – System 2 
 
Figure 8.41: Down-aisle displacement response of the fully loaded rack, Tabas 20% - System 2 
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8.6.5 Destructive seismic tests in the cross-aisle direction – System 2 
Destructive earthquake tests were conducted on the system 2 drive-in rack until the structure 
reached failure. For this set of tests, a near fault earthquake was chosen for the tests, that is the 
Tabas–L1 waveform. Similar to the system 1 earthquake tests, the load was applied as a series of 
scaled earthquake signals with 5% increments. 
As demonstrated by the FE analysis described in section 8.6.1, the cross-aisle frames developed a 
mechanism when the earthquake induced combined actions (bending moment and axial load) 
reached the load carrying capacity of the critical cross-sections, which would lead to a complete 
collapse. To avoid reaching this undesirable failure mode, additional diagonal props were added 
to the rack before running the seismic destructive tests. The props were installed as a substitute to 
the removed bottom diagonals. However, the main difference between the props added and the 
original bracings is that the props are configured such that they allowed the rack to vibrate 
without imposing additional constraints on the rack, but when the rack is about the develop full 
plastic hinges in the uprights then the props  engage to restrain the rack from swaying further. 
Therefore, the added props in addition to the safety cables (Figure 8.5) provided a safety tool for 
preventing the complete collapse of the rack. The rack was loaded incrementally until the 
structure reached the critical point before complete failure at 80% (PGA ~ 0.41g) of peak 
amplitude, after which the test was terminated due to excessive damage in the uprights. 
Figure 8.42 shows the consecutive curves for the recorded base shear vs top relative displacement 
of the rack starting from the 5% up to 80% of theTabas-L1 earthquake. As shown, the maximum 
base shear measured was about 90kN recorded with the 60% Tabas-L1 earthquake. 
   
 
Figure 8.42: Base shear vs top relative displacement hysteresis curves starting from 5% up to 
80% of the Tabas-L1 earthquake with 5% increasing increments – System 2 
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Figure 8.43 shows the displacement time history measured at the top of the rack for 20% and 
80% of the Tabas-L1 earthquake. It can be seen that the rack swayed at a higher frequency for the 
20% excitation compared to the response of the rack for the 80% excitation, which highlights the 
loss of stiffness at increased levels of damage. Figure 8.44(a) and Figure 8.44(b) show the peak 
top total and relative (i.e. rack minus the base) displacements of the rack respectively starting 
from 5% excitation (i.e. elastic range) up to the point when the rack almost reached a mechanism 
with full plastic hinges in all uprights. As shown, the rack almost reached a maximum relative 
lateral displacement of about 200mm at the 80% scaling ratio, with a total lateral residual 
(permanent) sway of about 50mm towards the North as shown in Figure 8.43. In addition, it can 
be seen from Figure 8.45 that the lateral displacement response for LVL2 and LVL4 are almost 
identical. This indicates that the system 2 cross-aisle frames tended to deform as a rigid body 
even at high seismic loads which is contrary to system 1. This is because in system 2, all uprights 
are engaged almost equally in providing stiffness and strength to the rack in the cross-aisle 
direction, and therefore when the uprights started to enter the plastic range they tended to lose 
their stiffness equally. Hence, the load distribution (and hence the load path) remained the same 
in the case of small loads (as in the elastic range) through to the higher loads (as in the case of 
destructive earthquake tests). 
To summarize the key features of the structural response shown in Figure 8.42, an envelope for 
all earthquake test results has been plotted which encapsulates all test data recorded in terms of 
base shear vs top lateral displacement. The response envelope is shown in Figure 8.46. As also 
demonstrated in Figure 8.44(b), the rack response increased almost linearly till approximately 
20%~30% of the peak amplitude. Between 30% and 40% of the peak amplitude the rack behaved 
nonlinearly due to the increased base plate uplift which caused the structure to sway more 
(increased period of vibration), but the material remained elastic in all members with no sign of 
yielding. At 40%, the critical cross-sections of the uprights started to experience local yielding 
which was detected by the strain gauges as shown in Figure 8.47, but with no visual signs of 
excessive plastic deformation. At 60% of the peak amplitude, the drive-in rack reached its lateral 
load carrying capacity with a maximum base shear of about 90kN and a corresponding 
displacement of about 97mm. At this load, the critical cross-sections of the uprights experienced 
remarkable plastic deformation due to yielding at the lips and the rear face of the uprights. After 
reaching 60% of the peak amplitude, the rack started losing its load carrying capacity with more 
obvious signs of yielding and distortional buckling deformations. The rack was loaded further up 
to 80% of the peak amplitude at which point the base shear dropped remarkably and plastic 
hinges formed in all uprights. The test was terminated after the peak amplitude of 80%. 
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Figure 8.43: Displacement time history of the fully loaded rack using Tabas-L1 waveform – 
elastic (20%) vs plastic response (80%) - System 1 
 
 
 
Figure 8.44: Maximum lateral displacement for Tabas-L1 – System 2; (a) total and (b) relative 
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(a) LVL4 displacement 
 
 
(b) LVL 2 displacement 
 
Figure 8.45: Relative displacement response in the cross-aisle direction for Tabas-L1 80% with 
the cross-aisle frames as per System 2 
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Figure 8.46: Envelope response for the destructive tests using ElCentro earthquake - System 1 
 
 
Figure 8.47: Upright strain readings at the critical cross-sections (at RL+1170mm) 
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8.6.6 Structural behaviour analysis and redundancy of system 2 
Owing to the accumulated damage with increased earthquake intensity, the structure started to 
gradually loose stiffness. This was firstly a result of the increased level of base plate uplift 
causing yielding of the base plate assembly, and secondly the subsequent yielding of the critical 
cross-sections at the first pallet runner as shown in the Figure 8.45 to Figure 8.53. However, 
when comparing the rack behaviour when using system 2 to the behaviour witnessed with 
system 1 the following can be concluded. The system 2 cross-aisle frames are not as redundant as 
for system 1. This is because the system 2 drive-in rack only developed one structural system, 
namely the portal frame system to maintain stability and strength. All uprights were found to be 
engaged equally in providing lateral stability and strength in contrast to the behaviour witnessed 
with system 1. Thus, the system 2 cross-aisle frame starts and finishes with the same system and 
same load distribution. Figure 8.48 shows the permanent plastic deformations in the base plate 
due to yielding. The deformed shape of the base plates confirms the FE analysis results 
(Section 7.7) and the importance of taking into consideration the semi-rigid bending behaviour of 
the base plate in the cross-aisle direction which is generally ignored in all previous research and 
design codes.  
   
Figure 8.48: Permanent plastic deformations in the base plate due to yielding. 
 
  
Figure 8.49: Permanent local plastic deformation in the uprights at their critical cross-sections 
due to yielding 
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Figure 8.50 shows the permanent local plastic deformations that took place in the uprights at their 
critical cross-sections due to yielding. Figure 8.50(a) shows upright U12 with the local buckling 
and yielding of the lips occurring just above the location where the strain gauges were installed.   
Figure 8.50(b) shows the local buckling and yielding on the external upright U16. Figure 8.51 
shows the permanent local plastic deformations took place in uprights U1 and U5 (same as for all 
uprights on grid 1 and grid 3) showing obvious signs and deformations due to bending. As 
shown, in both uprights the connection with the first diagonal brace experienced significant 
buckling of the lips due to compression, whereas the rear flanges experienced high tensile 
stresses which caused the rear flanges to stretch with obvious signs of necking due to yielding. 
 
  
Figure 8.50: Permanent local plastic deformations in uprights U12 and U16. 
 
Figure 8.51: Permanent local plastic deformations in uprights U1 and U5. 
Yielding in tension at the back 
flange with obvious necking 
Yielding and buckling at the 
lips due to compression 
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 (b) 
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Figure 8.52 shows the permanent local plastic deformations in upright U14 (and similarly in all 
uprights on grid 2 and grid 4) with obvious signs and deformations due to bending. For this group 
of uprights, the loading direction causes compression in the rear flanges of the upright with 
obvious buckling deformations especially close the bolt holes, while causing tension stresses on 
the lips with obvious signs of stretching and necking. Figure 8.53 shows upright U10 on grid 2 
with the bending moment at the critical cross-section causing compression stresses and buckling 
at the rear flange of the upright. The lips of the upright experienced substantial stretching due to 
yielding in tension. 
 
Figure 8.52: Permanent local plastic deformations taking place in upright U14. 
 
Figure 8.53: Upright U10 on grid 2 
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8.7 Comparison between cross-aisle structural systems 1 and 2 
Based on the tests carried out drive-in racks with two different structural systems for the cross-
aisle frames the following concluding remarks can be made:  
 The system 1 cross-aisle frames consist of fully braced trussed frames which were found 
to be very stiff in the elastic range with a natural frequency of 2.44Hz. Whereas, the 
system 2 cross-aisle frames behaved more like portal frames which is a more flexible 
system with a natural frequency of about 1.1Hz. 
 The system 1 cross-aisle frames tended to have a non-uniform load distribution among the 
different uprights especially the external frames when compared to the internal frames. 
Whereas, with system 2 the cross-aisle frames across the entire rack behaved almost 
similarly with a uniform load distribution among all uprights. 
 The uprights of the system 1 drive-in rack experienced severe local damage at their 
critical cross-sections (at their connection with the bottom diagonal brace). The failure of 
the uprights was considered a brittle type of failure with little sign of plastic deformation 
before the diagonal bracings were torn out of the uprights. This type of failure is 
undesirable especially for seismic load applications. Whereas, with system 2 all uprights 
experienced a very ductile type of failure with obvious signs of yielding and warning of 
stiffness and strength degradation before the structure reached its ultimate capacity. 
  With system 1, the tearing out of the diagonal braces from the uprights causes the 
connections between the uprights and diagonal bracings to be lost. Whereas, with system 
2 all connections between uprights and frame bracings were intact with all uprights 
experiencing similar level of ductile deformations. 
 System 1 attracted more load to the structure with a maximum earthquake induced base 
shear of about 200kN, whereas system 2 was able to release most of the earthquake 
energy owing to its ductility and as a result the maximum base on the rack was in the 
order of only 90kN. 
 However, it should be noted that the lateral sway of system 2 drive-in rack in the cross-
aisle direction was larger than the sway recorded with system 1 (owing to its higher 
stiffness). Therefore, in some cases where insufficient horizontal distance can be 
maintained (due to space limitations) then using system 1 can be a more attractive 
solution in order to prevent pounding between the adjacent racks or walls. 
 Sliding of pallets was observed during the seismic tests. The pallet sliding for system 1 
was found to produce an effective mass of about 70% of the total mass, whereas for 
system 2 the effective mass was about 87% of the total mass. 
 
Based on the comparison made above, it is the author’s opinion that drive-in racks with 
system 2 seems to be more attractive to use and adopt than the standard structural system 
(system 1) typically used in practice. This is because with system 2 the rack is capable of 
dissipating most of the kinetic earthquake energy imparted on the structure in the form of 
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increased lateral sway, and as a result the maximum acceleration (and hence the maximum 
base shear) is reduced when compared to system 1. However, because of the increased sway 
of system 2, second order effects on the structure become more profound and might cause 
instabilities in the structure if not controlled by other means (which is the subject of the new 
development made during the course of this research and being patented). System 1 on the 
other hand is much stiffer than system 2 and therefore second order effects have negligible 
effects, but the rack is prone to severe local damage due to the increased base accelerations. 
Therefore, as can be concluded, each system has its limitations which need to be considered 
with care in the design of drive-in racks, although on balance the author considers system 2 to 
be superior to system 1. 
To avoid having eccentric connections and hence the potential local failure at the connection 
between the diagonal brace and the upright as in the case of system 1, storage rack suppliers 
and design engineers frequently connect both members at the same level (referred to as a 
concentric connection). This is achieved by installing the C-profile diagonals rotated by 90 
degrees and connecting them at the same point. However, this approach does not guarantee 
the problems witnessed in the seismic tests will be avoided for the following reasons. Firstly 
when connecting two diagonal braces back to back when rotated 90 degrees the applied 
tension and compression forces in the diagonal will apply eccentric forces on the uprights 
which will cause them to twist. . Secondly, the bolt required to connect the two back-to-back 
diagonals to the upright needs to be very long and is subject to bending moments which may 
cause the bolt to fail. Thirdly, with two diagonals connected back-to back, the compression 
force in the compression brace will act on one half of the upright cross section causing the 
entire compression force to act on one hole. Similarly, the tension force in the tension brace 
will act on one half of the upright cross section causing the entire tension force to act on the 
opposite hole. Furthermore, connecting the bracing members at the same point will make the 
structure much stiffer and as a consequence the rack will attract higher base shear. In 
earthquake applications, one of the key elements in reducing the earthquake-induced base 
shear on the structure is using eccentric connections because they allow the structure to 
experience some level of local damage that helps the structure to dissipate part of the 
earthquake-induced energy in the form of permanent plastic deformations. 
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CHAPTER 9 
 
STRENGTH (FORCE) REDUCTION FACTOR (R) FOR 
DRIVE-IN RACKS IN THE CROSS-AISLE DIRECTION 
 
9.1 Introduction 
The strength reduction factor (R), or in some design codes is called the ductility factor, is used in 
seismic design to reduce the calculated base shear, that is based on elastic response of the 
structure to the design earthquake, to a smaller design value as a result of the different forms of 
nonlinearity which the structure experiences during earthquakes.  
The ductility and hence the strength reduction factor R of drive-in racks can be estimated 
analytically by non-linear time history dynamic analysis or more approximately by the 
consideration of static mechanisms of inelastic deformations such as the nonlinear static push-
over analysis. Alternatively, the required ductility of a structure responding to a severe 
earthquake can be estimated by pseudo-dynamic tests or more accurately by shaking table tests. 
This chapter presents the work undertaken for determining the ductility, and hence the force 
reduction factor for drive-in racks responding to severe earthquake using nonlinear time history 
analysis, nonlinear push-over analysis, and shake table dynamic tests. 
 
9.2 Background to the strength (force) reduction factor in seismic design  
The design lateral strength prescribed in seismic code provisions are typically lower and in some 
cases much lower than the lateral strength required to maintain a structure in its elastic range 
during severe earthquakes. The reduction in the lateral strength from the elastic strength demand 
is commonly accounted for through the use of reduction factors, which are considered to be the 
most debatable part in the development of seismic design provisions for building structures. The 
strength/force reduction factor takes implicitly into account the global deformation and ductility 
capacity, which depend on the structural topology, the ductility of the material, the p-Δ effects, 
and possible brittle fracture mechanisms. Due to the importance of taking into account the real 
inelastic capacity of the structure, several methods for the assessment of the strength/force 
reduction factor have been proposed in the literature which can be categorized into four groups as 
follows: 
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- Methods based on an energy approach  [104]; 
- Methods based on the accumulated damage [105, 106]; 
- Methods based on the ductility factor theory  [107, 108]; 
- Methods based on an extrapolation of the inelastic dynamic response analysis of 
single-degree-of-freedom systems [109]. 
The methods in the fourth group form the basis for the seismic provisions in most design codes 
[62, 63, 84, 110-112] which rely on the concept of inelastic response spectrum for specifying 
design actions (forces) to be used for the elastic analysis of structures responding inelastically to 
the design earthquake. On the one hand these methods have the advantage of being simple and 
easy to use by practicing engineers and to implement in day to day designs, but on the other hand 
they require hypotheses be made of the structural irregularity and the collapse mechanism. 
Clear definitions of the strength/force reduction factor to be used in seismic design are difficult to 
find. However, it is generally accepted that this factor may be defined as the ratio of the elastic 
strength demand, to the inelastic strength demand. The elastic strength demand can be defined as 
the strength which the structure needs if to respond elastically to the design earthquake, which is 
typically defined by the 5% damped elastic response spectrum. Whereas, the inelastic strength 
demand can be defined as the strength required by the structure so that it responds beyond the 
elastic range but within the selected ductility demand. The factor used  for reducing the elastic 
strength/force is called behaviour factor (q) in EC8 [63], and is sometimes denoted by different 
terms such as response modification factor (R) as in NEHRP [84], whereas it is referred to as the 
R coefficient in the UBC [112]. However, sometimes R is termed as the structural quality factor 
or the system performance factor following the recommendations of the SEAOC Committee, 
which are typically adopted in the seismic part of the UBC [112]. The factor used for reducing 
the elastic strength in the Australian standard AS1170.4 [113] is called the structural ductility 
factor (, whereas in the New Zealand standard NZS1170.5 [62] a similar factor is used to 
reduce the elastic force that is labelled as k which is a function of the structural ductility factor 
(. In the following, the term strength (or force) reduction factor (R) will be used as it offers a 
clearer indication on the nature of this factor. 
 
9.3 Components of the strength reduction factor R 
The value of the strength reduction factor R mainly depends on the ductility of the structure 
(which relates to the detailing of the structural system and members), on the strength reserves that 
normally exist in a structure which depend mainly on its redundancy and the overstrength of the 
individual members, and on the damping of the structure. All these factors directly affect the 
energy dissipation of a structure. 
Since the reasons for the energy dissipation of a structure are based on different phenomena, the 
R factor has different components. Based on experimental data Whittaker et al. [114] and Uang et 
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al. [115] described the R factor as the product of three factors that account for the over-strength, 
ductility and damping as follows: 
R = Rs R R      
In Equation 9.1 Rs is the over-strength factor, R is the ductility factor, and R is the damping 
factor. Using data from earthquake tests as schematically represented by Figure 9.1, the 
overstrength factor Rs is calculated to be the ultimate base shear (Vu) divided by the yield base 
shear (Vy), the ductility factor R  is the base shear required for the elastic response (Ve) divided 
by the ultimate base shear (Vu), and the damping factor Rmay be set to unity. Setting the 
damping ratio to unity is mainly due to the fact that most engineering structures have damping 
ratios close to 5%, and the elastic response spectrum defined by most design codes for calculating 
the elastic base shear is based on 5% damping. Therefore, the reduction of the elastic base shear 
due to damping is implicitly taken into account when using the code elastic spectra. However, in 
some special applications additional damping devices are inserted at certain locations into the 
building structure which in turn increase the effective damping to a higher value than 5%. In this 
case, special consideration is needed to determine the equivalent R factor to be used. In Figure 
9.1, Vl is the base shear value at which the actual structure response deviates from the initial 
linear elastic response due to the different sources causing the nonlinear response of the rack. 
 In a more recent study (ATC1995a) [116] a new formulation for the R factor is proposed: 
 R = Rs R RR      
The formulation in Equation 9.2 is similar to Eqn. 9.1 (since R is 1.0) except for the redundancy 
factor RR which is intended to account for the effects of redundancy of the structure such as 
structural indeterminacy and improved reliability due to multiple lines of load paths and load 
carrying mechanisms. However, it is generally difficult to separate the RR factor from the 
overstrength factor Rs. Therefore, in most cases the redundancy and the overstrength effects are 
combined together in the overstrength factor Rs.  
Based on the above discussion, the formulation shown by Eqn. 9.1 will be used for the R factor in 
the rest of this thesis. With reference to Figure 9.1, in which the actual force-displacement 
response curve is idealized by a bilinear elastic perfectly plastic response curve [117, 118], the 
force reduction factor R may be determined as follows: 
R = Ve / Vu , Rs = Vu / Vy and R=1      (9.3) 
and therefore, the force reduction factor can be defined as 
R = (Ve / Vu) . (Vu / Vy) . (1) = Ve / Vy    (9.4) 
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Figure 9.1: Typical base shear vs roof displacement relationship [64, 118] 
 
The required ductility and hence the strength reduction factor R of a structure responding to a 
severe earthquake can be estimated analytically by a non-linear time history dynamic analysis or 
more approximately by the consideration of static mechanisms of inelastic deformations such as a 
nonlinear static push-over analysis. Alternatively, the required ductility of a structure responding 
to a severe earthquake can be estimated by pseudo-dynamic tests or more accurately by shaking 
table tests. The ductility of drive-in racks responding to severe earthquake will be evaluated using 
analytical methods in addition to the shaking table test results as discussed in the following 
sections. 
 
9.4 Evaluation of the R component factors using shake-table test results 
9.4.1 Evaluation of the R factor using shake-table tests. 
Full-scale seismic testing of drive-in racks was conducted as discussed in Chapter 8 using a one 
degree of freedom shake table, where the rack was oriented so that sway occurred in cross-aisle 
direction. The cross-aisle direction is parallel to the upright frames and is also referred to as the 
down-bay direction. The tested rack overall dimensions (width×height×depth) were 
approximately 4.5m×4.8×4.5m, featuring three bays, three beam rails and three pallets, i.e. three 
Ve 
Vl 
Δl Δe Δinelastic Δy 
Vu 
Elastic response spectrum 
Roof displacement 
B
as
e 
sh
ea
r 
Base shear vs roof displacement 
curve (actual response) 
Base shear vs roof displacement 
curve (Idealized response) 
Δmax 
Initial elastic stiffness 
Vy 
Chapter 9: Strength (force) reduction factor (R) for drive-in racks in the cross-aisle direction 
 
271 
 
pallets in each direction and a total of 27 pallets. The rack was fully loaded by placing a 1.8 
tonnes mass on each pallet (Figure 8.3). 
The destructive earthquake tests were conducted by gradually increasing the intensity of the 
given seismic time history, e.g. the Tabas time history. The intensity (X) of the earthquake signal 
was increased in 5% increments (i.e. 5%, 10%, 15%,……). The rack frames were 
comprehensively instrumented with transducers at the top and mid-height levels, and 
accelerometers at all beam levels in the direction of excitation, and with laser sensors at various 
levels in the perpendicular direction. Strain gauges round the cross-section were attached to key 
uprights (as discussed in Chapter 7) to enable (elastically) the internal actions to be calculated, 
and also to monitor the inelastic strains in the critical cross-sections for determining when to 
terminate the tests. Also, a load cell was used to measure the base shear at the rig level. 
As discussed in Chapter 8, two different structural systems were tested in the cross-aisle direction 
including (1) Fully braced trussed frames denoted as system 1, and (2) Partially braced-portal 
frames denoted as system 2. After repeating the test under increasing intensity (X) until imminent 
collapse, values of maximum relative displacement and the corresponding base shear (∆, V)max 
were obtained from each test and plotted to determine the force reduction factor for the two 
systems as shown in Figure 9.2. As shown, system 1 responded with an initial elastic stiffness of 
about 13kN/mm and a peak base shear of about 195kN obtained in the 85% ElCentro earthquake 
test (0.34g), whereas system 2 responded with a much lower initial elastic stiffness of about 
3kN/mm and a peak base shear of about 89kN obtained in the 60% Tabas earthquake test (0.31g). 
 
 
Figure 9.2: Shake-table V vs Δ test results for the cross-aisle frames with system 1 and system 2 
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The graphs of V vs ∆ values allow the initial elastic response and the full inelastic response of the 
racks to be determined. The initial elastic response can be extrapolated to intersect with the 
elastic response spectrum curve at the point (∆e ,Ve) on the V vs ∆ graph as shown in Figure 9.1, 
which corresponds to the base shear and top sway displacement when the structure responds 
elastically to a severe earthquake. The deviation of the inelastic response curve from the initial 
linear response curve defines the first yield point and the elastic range of the V vs ∆ curve. The 
elastic response spectrum curve shown in Figure 9.1 was determined in two steps. The first step 
was the calculation of the acceleration and displacement response spectra of the rack when 
subjected to Tabas earthquake. The Second step was plotting the products of the acceleration 
response spectrum and the mass of the structure on the vertical access, whereas the displacement 
acceleration response on the horizontal access. For the determining the elastic acceleration and 
displacement spectrum curve of structures when subjected to the ground motions the reader is 
referred to Clough and Penzien [119]. 
Figure 9.3 shows the projected initial linear stiffness curve for system 1. Two points were of 
main interest in this chart. The first point is at 70% of ElCentro earthquake with a total base shear 
of about 168kN. At this earthquake magnitude the bottom diagonals of the upright frames started 
to buckle out-of-plane (Figure 9.4), and the uprights started to show signs of local yielding and 
elongation at the bolt holes as shown in Figure 9.5. Therefore, at 70% ElCentro earthquake the 
drive-in rack could be considered to have reached its yield limit state. The second point of 
interest was at 85% of ElCentro earthquake when the rack attained the maximum base shear 
(195kN). From 70% through to 85% of the peak amplitude the bottom diagonals of the upright 
frames were damaged heavily and cracked at their mid-spans (Figure 9.6), whereas the uprights 
experienced high localised stresses followed by severe damage at the critical cross-sections (at 
their connection with the bottom diagonal bracings) with tearing out of the bracings (Figure 9.7). 
Despite the local damage that occurred in the middle uprights at 70% through to 85% of the peak 
amplitude, the rack structure was able to resist a higher base shear load (increasing from 168kN 
up to 195kN). The reason for this increase was the change of the load path that took place owing 
to the system 1 rack redundancy, in engaging other parts of the rack which had not undergone the 
same level of damage including the external uprights frames. 
As shown in Figure 9.3, the elastic base shear determined from the intersection point of the initial 
stiffness line and elastic response curve is found to be 430kN. 
Based on the above, the force reduction factor Rfor system 1 can be evaluated as: 
Rsystem 1) = Ve / Vu = 430 ÷ 195 = 2.2   (9.5) 
Figure 9.8 shows the projected initial linear stiffness curve for system 2. The first point of interest 
on the chart is the intersection of the initial linear stiffness curve with elastic response spectrum. 
As shown, the estimated base shear and lateral displacement of the rack when responding 
elastically were determined as 231kN and 74mm respectively. The second point of interest is the 
response of the rack at 60% of Tabas earthquake when the rack attained the maximum base shear 
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(90kN). At this magnitude the uprights reached their maximum bending capacity at their critical 
sections with high localised stresses followed by local instabilities due to buckling as shown in 
Figure 9.9.  
The reason for not using the point at which the non-linear response curve departs from the initial 
linear-elastic curve was that the internal stresses of the racking components were considered to be 
well below the yield stress at that point. This was confirmed by the strain gauge readings at the 
various locations on uprights and diagonal bracings which all showed stresses and strains 
significantly lower than the yield limit of the material, with the exception of two internal uprights 
where some strain gauges showed strain readings close to the yield strain, and thus did not 
represent a global state of yielding in the entire structure. The main reason for the departure of 
the response curve from the initial linear-elastic curve was the flexibility of the base plate 
connection which allowed the uprights to lift off vertically, and as a consequence the rack started 
to sway more laterally, inducing second order effects and leading to the nonlinear displacement 
curve shown in Figure 8.27. Importantly, when the rack came to a rest no permanent deformation 
was observed, thus confirming that the structure behaved elastically. For this reason, the effective 
yield point of the rack was not taken just at the point of departure from the linear-elastic curve 
but rather was considered to be when the rack experienced inelastic permanent deformations. 
 
 
 
Figure 9.3: Evaluation of the R factor for system 1 using the shake-table test results 
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Figure 9.4: Buckling of the diagonal bracings of system 1 at 70% ElCentro earthquake. 
 
 
Figure 9.5: Yielding and elongation at the blot holes with the diagonal bracings of system 1 at 
70% ElCentro earthquake. 
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Figure 9.6: Cracking of the diagonal bracings of system 1 for ElCentro earthquake amplitudes 
greater than 70% 
 
  
Figure 9.7: Damage in the uprights of system 1 for ElCentro earthquake amplitudes greater than 70% 
Chapter 9: Strength (force) reduction factor (R) for drive-in racks in the cross-aisle direction 
 
276 
 
At earthquake magnitudes higher than 60% the rack started to sway with a much higher 
magnitude due to the degradation of the lateral stiffness resulting from the development of plastic 
hinges in the uprights. Contrary to system 1, the rack with the cross-aisle frames as per system 2 
did not have any alternative load path for transferring the base shear. Therefore, once the rack 
reached its ultimate limit state capacity it could not resist any higher base shear. Due to the 
addition of the safety props at the lower panel of the cross-aisle frames, this increased the 
damping of the rack approximately by an additional 6% (total 10% damping). Because of this 
increase in the damping ratio, the R factor with system 2 needed to be taken into account. The 
force reduction factor due to damping R was evaluated to be approximately 1.15. This value was 
determined as the ratio between the acceleration spectrum value determined using 4% damping 
(for system 2 without props) and the acceleration spectrum value with 10% damping (for system 
2 with props).  Therefore, the force reduction factor R for system 2 can be evaluated as: 
 
Rsystem 2) = (Ve / Vu) ÷ R = 231 ÷ 90 ÷ 1.15 = 2.23   (9.6) 
 
 
 
Figure 9.8: Evaluation of the R factor for system 2 using the shake-table test results 
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Figure 9.9: Damage in the uprights of system 2 rack associated with Tabas earthquake amplitudes 
greater than 60% 
 
The seismic behaviour of the system 2 drive-in rack was found to be structurally superior to the 
system 1 rack firstly because it did not attract high base shears from the earthquake; hence it lead 
to a more economic design. Secondly, the system 2 rack depended mainly on the flexural 
capacity of the uprights being part of a portal frame system which provided a more ductile 
behaviour and prevented the brittle failure associated with the loss of connections as compared to 
system 1. Thirdly, the system 2 rack was able to sustain seismic induced loads up to 80% of the 
Tabas earthquake (which was very close the seismic load sustained by the system 1 rack with 
85% of the ElCentro earthquake) utilizing its ductility to dissipate most of the earthquake energy 
in the form of tolerable lateral deformation. However, the drawback of system 2 is that once the 
rack reaches the ultimate capacity of the uprights, the system might suddenly develop a 
mechanism followed by a complete collapse of the rack due to the formation of plastic hinges. 
This mechanism limits the ductility demand of the rack and hence does not maximize the benefit 
of the inherent ductility of system 2. This implies that system 2 by itself is not adequate for 
seismic applications and requires additional components to keep the system stable and safe to use 
in seismic regions. In addition, system 2 was found to be very flexible such that it does not 
provide sufficient stiffness to stop the rack from vibrating while placing and lifting off pallet 
loads, hence it causes discomfort during daily operations. To overcome this problem, a new 
development has been made in the course of this research, which is currently the subject of a 
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patent. The new development has been designed and configured such that (1) it provides the rack 
with the stiffness needed to maintain its stability under gravity loads and daily operations; (2) it 
maintains the stability of drive-in racks after developing plastic hinges in the uprights. Hence, it 
prevents the rack from the overall collapse when on the verge of developing a mechanism. 
With the new development, the R factor which that was estimated as 2.23 can be used safely for 
seismic design since it prevents the system 2 rack from developing a mechanism and sudden 
collapse. It also allows the rack to safely deform in the plastic range beyond the peak load of the 
curve. Hence, with the new development the ductility demand on the rack can be increased, 
which consequently leads to an increase in the force reduction factor to approximately 4.0. The 
new development is outside the scope of this thesis and will be discussed in future publications in 
more detail. 
 
9.4.2 Evaluation of the Rs factor using shake-table tests 
The reserve strength that exists between the actual structure ultimate base shear Vu and the first 
significant yield base shear Vy is defined in terms of the overstrength factor Rs as Vu / Vy 
(Eqn. 9.3). Structural overstrength results from the redistribution of internal actions (redundancy), 
higher material strengths than those specified in the design, strain hardening, member oversize, 
effect of non-structural elements, strain rate effect, and so on.  
Storage racks in general and drive-in racks in particular are not buildings but a special type of 
indoor construction, and therefore do not have all sources of providing high reserve strength 
when compared to ordinary concrete or steel buildings. Due to the high competition in the 
market, the member sizes for storage racks are chosen and designed such that the rack load 
carrying capacity is almost utilized with load to capacity ratios close to 1.0. Furthermore, the 
steel coils from which the different rack members are formed are made of high strength light 
gauge steel, with a nominated yield stress close to the nominal yield stress specified in design. 
Made of open thin-walled non-compact slender sections, rack members do not retain their load 
carrying capacity for long after reaching their capacity, especially in bending. Therefore, storage 
racks in general have much lower reserve capacity when compared to ordinary buildings. 
However, depending on the structural system chosen for the storage rack in the down-aisle and 
cross-aisle directions, and the type of connections between the different members (tabbed or 
bolted) different systems have different levels of reserve capacity and hence different values of 
overstrength factors. 
When calculating the overstrength factor, it is in some cases difficult to define the yield 
deformation (displacement, rotations, and curvatures) especially when the load-deformation 
relationship does not have a well-defined yield point, as demonstrated in Figure 9.1. The 
nonlinearity of the load-deformation curve (Figure 9.1) for storage racks can be attributed to 
different sources such as the (a) nonlinear behaviour of the material, (b) yielding of different 
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parts of the structure commencing at different load levels, (c) buckling of members, and (d) uplift 
of the base plate of the uprights. All these factors cause the load-deformation curve to deviate 
from the linear curve at a load (Vl) that may be significantly lower than the yield load (Vy). 
Various alternative definitions in the literature have been used to estimate the yield displacement 
(and associated yield load) as in Park [120] and ECCS [121].  
The procedure for assessing the behaviour of structural steel elements under cyclic loads 
recommended by the ECCS [121] can be applied to plane or three dimensional tests and may 
include monotonic displacement tests. This procedure is designated the complete testing 
procedure. If monotonic tests are omitted it is designated the short testing procedure. The 
procedure for Complete Testing Procedure (CPT) includes three tests performed on different 
specimens. The first and second tests impose displacements increasing monotonically in the 
tension and compression ranges respectively. The positive and the negative elastic reference load 
Fy and the corresponding elastic reference displacement y are obtained from the recorded force-
displacement curve. The elastic reference load is defined as the intersection between the tangent 
modulus Et at the origin of the force-displacement curve and the tangent that has a slope of Et/10 
as indicated on Figure 9.10c. Other conventional definitions of Fy may be used, such as the value 
corresponding to the 0.2% offset load (Figure 9.10a), or the maximum load (Figure 9.10b).  
The definition of Fy recommended by the ECCS (Figure 9.10c) will be used herein for calculating 
of the Rs factor. The ECCS recommendation for determining the yield force and yield 
displacement has been applied to the force-displacement shake table test results for system 1 
(Figure 9.11) and system 2 (Figure 9.12) leading to Rs values for the two systems as follows:Rs = 
195 ÷ 110 = 1.77 (system 1) 
Rs = 90 ÷ 70 = 1.29 (system 2) 
 
 
Figure 9.10: Definition of the reference elastic force Fy and the corresponding reference elastic 
displacement δy according to ECCS [121] 
(a) (b) (c) 
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Figure 9.11: Evaluation of the Rs factor for system 1 using shake table test results according to 
ECCS [121] 
 
 
   
Figure 9.12 Evaluation of the Rs factor for system 2 using shake table test results according to 
ECCS [121] 
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9.4.3 Verification of the Rs factor obtained using the ECCS recommendations. 
One important check for accepting the obtained values of the Rs factor determined is to compare 
the condition of the structure and the state of stress in the different components of the rack at the 
Vy level determined based on the ECCS recommendations. 
For system 1, as shown in Figure 9.11, the level of the elastic reference load (Vy) was obtained at 
about 45% of the ElCentro earthquake, which corresponds to a total base shear of 110kN.  At this 
level of excitation, all components of the rack were responding elastically with no signs of 
damage or plastic deformation. Further confirmation to this was the readings obtained from the 
strain gauges on the uprights and diagonal bracings which indicated all members had strains well 
below the yield strain. The inelastic behaviour of the rack was only observed at about 70% of 
ElCentro earthquake which corresponded to a total base shear of 168kN. With further increase in 
loading (i.e. >70% of the peak amplitude), the bottom diagonal braces started to buckle in the 
sequence explained in Sections 8.5.1 and 8.5.4, in addition to the yielding and initiation of 
cracking of the uprights at their connection with the bottom diagonals. Therefore, the yielding of 
the structure can be considered to start at 70% of ElCentro earthquake with the yield load Vy 
taken as 168kN. Thus, based on the shake table test readings and observations, the overstrength 
reduction factor Rs for system 1 is calculated as follows: 
Rs = 195 ÷ 168 = 1.16 (system 1) 
It follows that the previous calculation using the ECCS recommendation for calculating the Rs 
factor overestimates the actual overstrength of the rack by approximately 52%, (Rs=1.77 vs 
Rs=1.16) 
It is the author’s opinion that for drive-in racks, the Rs factor for the cross-aisle direction when 
using system 1 should be taken as 1.0 for the following reasons. For system 1 and at loads higher 
than 70% of the peak amplitude of ElCentro earthquake, the critical cross-section of the heavily 
loaded uprights (U6 and U10) started to experience local yielding and cracking in the flanges as 
shown in Figure 9.7. It was shown in Figure 9.3 that the rack was capable of resisting higher base 
shear up to 85% of the peak amplitude, owing to the system redundancy. However, from the 
gravity load viewpoint, the rack members do not have the same redundancy to redistribute the 
vertical loads as that for the seismic induced lateral load. This is due to the nature of the 
connections between the pallet runners and uprights, the low bending stiffness of the pallet 
runners, and the pallets which are placed loosely on the top of the pallet runners. When cracking 
occurs in one (or more) upright, it loses its integrity and consequently can lose its vertical load 
carrying capacity with less contribution from adjacent uprights to carry the load instead, contrary 
to the seismic load case. This therefore can cause the heavily damaged upright to collapse locally 
under the effect of the gravity loads. Considering the Rs factor to be equal to 1.0 for system 1 
drive-in racks is, in fact, in agreement with the provisions in the BRANZ seismic design 
guideline for selective rack with public access [87], which  recommends an overstrength factor 
for selective racks in the cross-aisle direction (using fully braced frames similar to system 1 
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herein) equal to 1.0. There was no explanation or derivation for how this value was obtained in 
the BRANZ guideline. However, the guideline states that for racking systems many of the 
reasons given for conventional building structures to reduce the design force using the 
overstrength factor are not applicable.  
For system 2, as shown in Figure 9.12, the level of the reference elastic load (Vy) was obtained at 
about 45% of the Tabas earthquake, which corresponds to a total base shear of 70kN.  At this 
level of excitation, almost all uprights started to respond inelastically with obvious signs of 
permanent plastic deformations. Further confirmation to this was the readings obtained from the 
strain gauges on the uprights which indicated that the strains in the uprights reached the yield 
strain. With increasing the load further (i.e. > 45% and up to 60%) the nonlinear behaviour of the 
rack was obvious with further increase in total base shear up to its peak value of 90kN, which 
was attained at 60% of the Tabas earthquake. Based on the test results and the onsite observations 
throughout the earthquake tests,  it can be concluded the tested system 2 drive-in rack reached its 
yield capacity at the same force level indicated by the reference yield force (Vy) as per the ECCS 
recommendations. Therefore, the evaluated Rs value of 1.29 for system 2 is acceptable and 
confirmed. Table 9.1 summarizes the response reduction factor components (R and Rs) for two 
systems used based on the shake table test results. 
 
Table 9.1: R factor components based on shake table tests, and R factor 
Force reduction components System 1 System 2 
R 2.11 2.23 
Rs 1.16 1.29 
R 1.0 1.15 
R 2.44 3.36 
 
9.5 Evaluation of the R component factors using numerical nonlinear methods 
In this section the ductility and strength reduction factor R of the rack structures tested will be 
estimated numerically with two different methods of analysis. These include the inelastic pus-
hover (static) analysis and nonlinear inelastic transient (dynamic) time history analysis. The 
values determined using the two methods will be compared to the values obtained using the shake 
table tests results. A parameter study was undertaken on the rack using different ground motion 
time-histories to examine the sensitivity of the ductility factors to changes in the earthquake 
properties, as determined numerically using the FE analysis. For this verification only system 2 
was studied since it is considered to be more efficient than system 1 for seismic design. 
Chapter 9: Strength (force) reduction factor (R) for drive-in racks in the cross-aisle direction 
 
283 
 
9.5.1 Evaluation of the Rand Rs factors using nonlinear history analysis – System 2 
For evaluating the strength reduction factor for drive-in racks using time history analysis 
procedures, the FE numerical models developed in Chapter 7 are used. The FE model is 
constructed such that it takes into account the geometric nonlinear effects due to global and local 
imperfections as well as frame global (P-Δ) in addition to member local (P-δ) second order 
effects effects. It takes into account the nonlinear effect due to the material yielding. Furthermore, 
it also takes into account the nonlinear effects due to pallet sliding and base plate uplift. The 
earthquake load was applied in the FE model at the base level with 5%~10% increments, and was 
applied in the same direction as for the shake table testing procedures. For the time history 
analysis three different earthquake records were used including Duzce-270, ElCentro-180 and 
Tabas-L1 earthquakes. The signal properties and scaling factors used for adjusting the waveforms 
to match the code target spectrum were calculated in accordance with the method described in 
Chapter 6. The acceleration response spectra for the three earthquakes used and the code target 
response spectrum as per NZS1170.5 [62] are shown in Figure 9.13.  
The force-displacement curves for the three earthquakes based on the FE nonlinear transient 
dynamic analysis are shown in Figure 9.14. As shown, the three curves for the three earthquakes 
are in excellent agreement in terms of the initial stiffness and the peak base shear, which was 
attained at 90~91kN. This was also in excellent agreement with the shake table test results, 
Vu=90kN. In addition, the force-displacement curves for determining the Rs factor for the three 
earthquakes are shown in Figure 15 to Figure 17 inclusive. The R and Rs factors determined 
from the nonlinear time history analyses are listed Table 9.2. The values of the R factor given in 
Table 9.2 are divided by the R  factor to take into account the increase in the base shear due to 
the increased damping when using the safety props. 
 
 
Figure 9.13: Acceleration response spectra for the earthquake records used with the nonlinear 
time history analysis for determining the R factor – system 2 
0
0.2
0.4
0.6
0.8
1
1.2
1.4
0 0.5 1 1.5 2 2.5 3 3.5 4
A
cc
e
le
ra
ti
o
n
 (
g)
 
Time period (Sec) 
Code Target spectrum
Duzce - 270
ElCentro - 180
Tabas - L1
Chapter 9: Strength (force) reduction factor (R) for drive-in racks in the cross-aisle direction 
 
284 
 
 
  
Figure 9.14: Force-displacement curves for determining the R factor using nonlinear time history 
analysis – system 2 
 
 
Figure 9.15: Determining the Rs factor using nonlinear time history analysis with Duzce-270 
earthquake – system 2 
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Figure 9.16: Determining the Rs factor using nonlinear time history analysis with ElCentro-180 
earthquake – system 2 
 
 
Figure 9.17: Determining the Rs factor using nonlinear time history analysis with Tabas-L1 
earthquake – system 2 
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Table 9.2: R and Rs factors estimated from the nonlinear time history analyses – system 2 
Earthquake 
record 
Component 
Near 
Fault 
Ve 
kN 
Vu 
kN 
Vy 
kN 
R Rs R R 
Duzce 270 No 231 92 73 2.18 1.26 1.15 3.16 
ElCentro 180 No 231 92.3 73 2.17 1.26 1.15 3.14 
Tabas L1 Yes 231 91.3 72.5 2.20 1.26 1.15 3.18 
Average      2.18 1.26 1.15 3.16 
 
Since the calculation of the ductility factor was determined from dynamic tests (i.e. while 
allowing the pallets to slide), the experimentally determined values listed in Table 9.2 implicitly 
include the reduction in the total mass due to pallet sliding. The ductility factor together with the 
seismic mass factor was found to be in agreement with the values determined numerically as will 
be discussed in the following sections. 
9.5.2 Evaluation of the Rand Rs factors using nonlinear push-over analysis – System 2 
Push-over analysis is a technique by which a computer model of the building is subjected to a 
lateral load of a certain distribution (usually inverted triangular or uniform). The purpose of the 
push-over analysis is to assess the structural performance by estimating the strength and 
deformation capacities using static, nonlinear analysis and comparing these capacities with the 
demands at the corresponding performance levels. The basic procedure of this method is to 
perform a sequence of elastic static analysis under monotonically increasing lateral loads in each 
of its principal directions to stimulate the loading history of the structure during collapse. In 
effect, the structure is pushed sideways well into the inelastic range till total failure or collapse 
occurs. 
The fundamental assumptions of push-over analysis limit the scope and application of the 
analysis. The assumptions are: 
 The capacity curve generally constructed in the push-over analysis is based on the 
assumption that the fundamental mode of vibration is the predominant response of the 
structure. This is generally valid for structures with fundamental period of vibration up to 
about one second. 
 Higher mode effects are not considered in the nonlinear static push-over analysis. Hence, 
if the participation of the higher modes is found to be significant then the effect of the 
same needs to be analysed separately. 
However, for drive-in racks and especially for the cross-aisle direction with the cross-aisle frames 
constructed as per system 2 the above limitations for using nonlinear push-over analysis are not 
restrictive. A natural frequency analysis for the system 2 drive-in rack (configuration C.I.2) was 
carried out as discussed in Chapter 7 and showed that the fundamental period of the rack in the 
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cross-aisle direction is about 0.9sec which is close to 1.0sec. This waives the first limitation of 
using the push-over analysis methods. To examine the influence of the higher modes of vibration 
on the rack response, a modal participation ratio analysis was performed which indicated that the 
first fundamental mode in the cross-aisle direction possessed more than 95% of the modal mass, 
as shown in Figure 7.6. This shows that the second limitation of using the nonlinear push-over 
analysis can be waived as well.  
From the seismic test data it was found that the system 2 drive-in rack for the cross-aisle direction 
mainly deforms as a rigid body (Figure 8.40). Therefore, for the push-over analysis, the uniform 
load distribution was found to be more appropriate to use for calculating and distributing the 
lateral loads applied in the FE model at the different rail beam levels. The nonlinear force-
displacement curve for the rack tested is shown in Figure 9.18. The peak base shear as shown was 
attained at 91.5kN. The nonlinear push-over curve was found to be again in excellent agreement 
with the nonlinear time history results for the three earthquakes (Figure 9.19). In addition, it is in 
excellent agreement with the shake table test results. The R (divided by the R factor) and Rs 
factor based on the nonlinear push-over analysis are listed in Table 9.3. 
 
Table 9.3: R factor components estimated using nonlinear push-over analysis. 
Force reduction components System 2 
R 2.18 
Rs 1.21 
 
 
Figure 9.18: Determining the Rs factor using nonlinear push-over analysis 
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Figure 9.19: Nonlinear time history vs nonlinear push-over force displacement curves. 
 
The force reduction “R” factors for drive-in racks and particularly in the cross-aisle direction 
were determined in this research for two different structural systems. The two systems studied 
provide most probably the upper and lower bounds in terms of stiffness in the cross-aisle 
direction. System 1 is considered to be the stiffest configuration since the diagonal braces are 
placed from top to bottom, whereas system 2 is substantially more flexible than system 1 as it 
omits the bottom diagonal brace and therefore relies on the bending capacity of the uprights to 
ensure lateral stability. For other racking systems which lateral stiffness values somewhere 
between the stiffness values determined for systems 1 and 2, the R factor can be approximately 
interpolated between the values determined for system 1 and 2. This would give a close estimate 
of the R factor to use for new systems. Otherwise, for an exact evaluation, the R factor can be 
determined from FE non-linear transient dynamic procedures as explained in this research. 
In the literature, an alternative definition for the ductility factor is based on deformation capacity, 
viz. R = Δu/Δy. In this definition the ductility factor relies on the displacement response rather 
than the force applied on the structure. The former approach using the displacement response is 
more appropriate to use if the design checks are based on the so-called “performance based 
design method”. In this method, the behaviour of the structure and hence the acceptance criterion 
are solely based on how the structure responds during an earthquake event and the level of 
permanent damage that takes place. In this case, for system 1 the ductility factor is calculated as 
R ≅ 125/10 = 12.5 and for system 2 as R ≅ 180/20 = 9. However, when using the limit state 
design methods to check the capacity of the uprights as discussed in this thesis, the ductility 
factors determined from the displacement limits would lead to significantly underestimated 
values for the design base shear.  Therefore, the method used for determining ductility factors 
needs to be consistent with the method used for the structural design, be it limit states based or 
performance-based. 
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CHAPTER 10 
 
SEISMIC DESIGN OF DRIVE-IN RACKS 
 
10.1 Introduction 
This chapter discusses the seismic design procedures for drive-in racks, particularly in the cross-
aisle direction. The chapter presents a new proposed equation for distributing the lateral loads on 
the rack in 3D, which takes into account the torsional behaviour of drive-in racks in the down-
aisle and cross-aisle directions. Moreover, the chapter presents new factors for defining the 
fundamental mode shape of vibration which allows drive-in racks to be designed using the 
simplified and widely used method Equivalent Lateral Force Method (ELFM). This is of a great 
benefit for storage rack design engineers because it provides a straightforward way to design 
drive-in racks and alleviates the need to use more complex analysis methods such as Nonlinear 
Transient Dynamic analysis procedures which are very time consuming. Lastly, the Chapter 
presents a design worked design example which explains in detail how the new design equations 
and factors are used to design drive-in racks. 
 
10.2 Analysis and seismic design methods in AS1170.4 and NZS1170.5  
Numerous methods are available for seismic structural design, most of which are permitted in the 
Australian and New Zealand Standards AS1170.4 [80]  and NZS1170.5 [62], respectively. The 
available design methods include: 
Equivalent lateral force method: This is the simplest method to use in terms of analysis since 
only a static elastic analysis is required for the design. It is permitted in both AS1170.4 [80]  and 
NZS1170.5 [62] subject to limitations in terms of height, natural period of vibration and 
irregularity. 
Modal response spectrum method: This method requires the use of (i) eigenvalue analysis to 
determine modes and periods of vibration, (ii) static analyses to determine internal actions 
produced by each mode of vibration included in the analysis and (iii) analysis that combines the 
internal actions produced by the included modes of vibration. The method is outlined in Clough 
and Penzien [119], and permitted in AS1170.4 [80] and NZS1170.5 [62]. It is suited for irregular 
structures exhibiting 3D behaviour. 
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Numerical integration time history method: This method employs a transient dynamic analysis of 
the structure to determine the maximum internal actions for a family of ground motion records. It 
may be elastic or inelastic. It is the most demanding method of analysis from a computational 
viewpoint but the design calculations are relatively simple. The method is permitted in both 
AS1170.4 [80] and NZS1170.5 [62], and is suitable for irregular structures exhibiting 3D 
behaviour. 
The different design methods will be discussed in the following sections for designing drive-in 
racks when subject to seismic loads. 
 
10.3 Design of DIR using Equivalent Lateral Force method (ELFM)  
At the face of it, the ELFM design method may not be considered accurate to use for drive-in 
steel storage racks because of the eccentricity of the spine bracings and the torsional response this 
produces. However, the method may yet be considered appropriate to use based on two 
assumptions. The first assumption is that the displacements in the direction perpendicular to the 
direction of seismic motion can be ignored. This assumption needs justification when seismic 
motion occurs in the down-aisle direction or the cross-aisle direction, which will be discussed in 
the following sections.  
While it is possible to determine the ductility factor directly from tests or by using analytical 
procedures as discussed in Chapter 9, it is considered that in practice the ductility factor will be 
used for the design of steel storage racks. Therefore, the second assumption with the ELFM is 
that the ductility factor derived from the full-scale tests in conjunction with the adopted design 
procedure in fact produce internal actions that are consistent with those encountered in the tests. 
Thus, a necessary step in verifying the adequacy of the ELFM design method and the determined 
ductility factor is to compare the internal actions obtained from the tests with those determined 
using the adopted design procedure. 
The equivalent static force method implicitly assumes the vertical variation of the first mode of 
vibration takes the following shape, 
 
kk zzd max/          (10.1) 
 
where z is the vertical coordinate and the exponent k depends on the period of the structure in 
AS1170.4 [80], whereas k equals unity in NZS1170.5 [62]. For drive-in racks, an appropriate 
value of k may be found from the readings of the displacement transducers used in the full-scale 
tests to measure the vertical variation of the sway displacement. The value depends on the degree 
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of rotational restraint provided by the base plates. If this restraint is small, k will be close to unity. 
If large, so that rotations are essentially prevented, a value of k of about 2 is likely to better 
describe the first mode of vibration. However, depending on the bracing system used with the 
cross-aisle frames or with the spine diagonal bracings in the down-aisle direction it can lead to a 
mode shape with a double curvature which is better expressed as: 
2
max
2
1
max
1
k
k
k
k
z
z
z
z
d           (10.2) 
 
Figure 10.1 demonstrates the change in the mode shapes which can be expressed using Eqn. 
(10.1) and Eqn. (10.2) using different values of the factor k. 
 
 
 
Figure 10.1: Different profiles for the first mode of vibration. 
 
In order to establish the design equations for the ELFM for drive-in racks it is required first to 
derive the deformed shape for the first mode of vibration. For drive-in racks loaded in the down-
aisle direction, the sway displacement at the back (d1) is reduced compared to the sway 
displacement at the front (d2) because of the presence of spine bracing, as shown in Figure 10.2. 
Similarly, if the rack is loaded asymmetrically such that one side of the rack contains more mass 
than the other, or if the cross-aisle frames are not symmetrical such that they cause the rack to 
twist, then the sway displacement at one side will be more than the displacement on the opposite 
side as shown in Figure 10.2.  
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(a) Down-aisle direction – asymmetrical stiffness distribution 
 
 
 
 
 
 
 
 
 
(d) Cross-aisle direction –asymmetrical mass distribution or asymmetrical cross-aisle frames 
 
Figure 10.2: Plan view for the deformed shape of drive-in racks subject to seismic loads 
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The derivation for the first mode shape of vibration for the cross-aisle direction is outlined below: 
Starting with defining the horizontal displacement at any point of the drive-in rack in the cross-
aisle direction by the parameter “x”, then the cross-aisle displacement at any point can be 
established as: 
x =  
𝑎𝑦𝑧
𝑙
+ 𝑏𝑧 + 𝑐 
(10.3)  
 
where a, b, and c are constants to be determined based on the boundary conditions, “z” is the 
vertical coordinate (i.e. height) of the point of interest, “y” is the coordinate of the point in the 
down-aisle direction, l is the depth of the rack perpendicular to the direction of excitation as 
demonstrated in Figure 10.3. 
 
 
 
 
 
 
 
 
 
Figure 10.3: First mode of vibration for drive-in racks subject to seismic excitation in the cross-
aisle direction. 
 
To establish the constants a, b, and c the following boundary conditions were examined: 
- At y=0, and z=0  x=0, then 
𝑥 =
𝑎. 0.0
𝑙
+ 𝑏. 0 + 𝑐 = 0 
therefore, c=0 
 
- At y=0, and z = h (i.e. zmax)  x = d1, then 
𝑥 =
𝑎. 0. ℎ
𝑙
+ 𝑏. ℎ = 𝑑1 
then, b = d1 / h 
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- At y=l (i.e. ymax) , and z = h (i.e. zmax)  x = d2, then 
𝑥 =
𝑎. 𝑙. ℎ
𝑙
+
𝑑1
ℎ
. ℎ = 𝑑2 
then, a = (d2 – d1)/ h. 
Substituting the constants a, b, and c back into Eqn. (10.3) then, 
𝑥 =  [
𝑑2 − 𝑑1
𝑙
. 𝑦 + 𝑑1] .
𝑧
ℎ
. 
(10.4)  
 
Taking the parameter d1 in Eqn. (10.4) as a common factor, and considering α = (d2/d1 - 1) then, 
𝑥 =  [
𝛼
𝑙
. 𝑦 + 1] .
𝑧
ℎ
. 𝑑1. 
     (10.5)  
 
- At y=l (i.e. ymax) , and z = h (i.e. zmax)  x = d2 (i.e. xmax), then 
 
d2 = (1+α) . d1 and, 
𝑑1 =  (
𝑑2
1 + 𝛼
𝑦𝑚𝑎𝑥
𝑙
). 
(10.6) 
 
Substituting Eqn. (10.6) back into Eqn. (10.5), then the displacement of the rack in the cross-aisle 
direction due to seismic excitation can be defined as: 
x =  
𝑧 (1 + 𝛼
𝑦
𝑙 )
𝑧𝑚𝑎𝑥  (1 + 𝛼
𝑦𝑚𝑎𝑥
𝑙 )
. 𝑑2 
     (10.7)  
 
To take into account the effect of the different bracing configurations and how they influence the 
first mode of vibration as shown in Figure (10.1), the exponent parameter k featuring in Eqn. 
(10.1) is also introduced into Eqn. (10.7). In addition, to normalize the lateral displacement of the 
rack, Eqn. (10.7) is divided by the maximum displacement value (i.e. d2). As such, the 
normalized mode shape of the drive-in rack in the cross-aisle direction can be expressed as: 
𝑑𝑥 =  
𝑧𝑘  (1 + 𝛼
𝑦
𝑙 )
𝑧𝑚𝑎𝑥
𝑘  (1 + 𝛼
𝑦𝑚𝑎𝑥
𝑙 )
 
     (10.8)  
Chapter 10 – Seismic design 
 
295 
 
where (ymax, zmax) are the maximum y- and z-values respectively  (Figure 10.3), i.e. the depth 
(ymax=l) that is perpendicular to the direction of excitation and height (z=h) of the rack 
respectively, and α is the ratio between the sway displacements at the front and back of the rack 
respectively, 
1
1
2 
d
d
            (10.9) 
The ratio between the displacements (d2, d1) can be determined from the first mode of vibration 
as obtained from a structural vibration analysis. Alternatively, the displacements can be 
determined approximately from a linear analysis by applying a set of horizontal loads along each 
level of beam rail varying in magnitude in the same way as that described by Eqn. (10.8). 
Similarly, Eqn. 10.8 can be established to determine the first mode of vibration for the down-aisle 
direction. However, in this case the y-coordinate will be replaced by the x-coordinate as shown in 
Figure 10.4.  
 
 
 
 
 
 
 
 
 
Figure 10.4: First mode of vibration for drive-in racks subject to seismic excitation in the down-
aisle direction. 
 
As a result of the continuous beam rails, the sway displacement is approximately linear in the 
cross-aisle direction, and hence the down-aisle displacement in the first mode of vibration can be 
expressed as: 
)1(
)1(
max
max
l
x
z
l
x
z
d
k
k
y




      (10.10) 
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where (xmax, zmax) are the maximum x- and z-values respectively (Figure 10.4), i.e. the depth 
(xmax=l) that is perpendicular to the direction of excitation and height (zmax=h) of the rack 
respectively, and α is the ratio between the sway displacements at the front and back (i.e. spine) 
of the rack respectively. 
To determine the equivalent static horizontal design forces, a 2D grid is introduced where yi and 
zj are the y- and z-coordinates of the centre of mass of the pallet load placed on the ith pallet in 
the down-aisle direction and the jth beam rail vertically, respectively. At each location (yi, zj), 
pallets may be placed on rail beams in each of the bays in the cross-aisle direction. The total 
lumped mass of all pallets in the cross-aisle direction at a given location is denoted by Mij. If the 
rack is loaded with identical goods in each bay, and the mass of each pallet is M, then Mij=Np×M 
where Np is the number of pallets in the cross-aisle direction (Figure 10.5). 
 
 
 
 
 
 
 
 
 
Figure 10.5: 2D idealization of the drive-in rack responding in the cross-aisle direction 
 
The equivalent static forces will be derived using the framework set out in Section 3.2 of [122]. It 
requires the first mode of vibration and the mass matrix to be determined.  
Using Eqn. (10.8), the first mode of vibration can be constructed as follows, 
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where the elements are numbered from the base to the top of the rack, starting at the side with the 
smaller lateral displacement (either due to non-uniform mass distribution, or unsymmetrical 
frame stiffness) and moving towards the opposite side with the larger displacement in the cross-
aisle direction. The terms Nrb and Nb denote the number of rail beams vertically and the number 
of bays in the drive-in block. Equation (10.11) may be rewritten as, 
)).1(/()}1(},,,{
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Since all masses are assumed to be lumped, the mass matrix is diagonal, 
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     (10.13) 
where Mi,j is the mass at location (yi, zj). If the rack is fully loaded with the same goods on each 
pallet, the mass matrix simplifies to, 
  )(][ MNIm p                                                            (10.14) 
where [I] is the identity matrix with Nrb×Nb diagonal elements. 
The vector of equivalent (maximum) static forces in the x-direction is obtained from Eqn. (68) of 
[122], 
    1
1
1
max1
][ AmS
M
f
F ax
x
xS
                                                 (10.15) 
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where 
   x
T
x mAf 1][11                                                        (10.16) 
   111 ][ AmAM
T
                                                      (10.17) 
axS spectral acceleration in the x-direction.           (10.18) 
 
In Eqn. (10.16), {1x} is a vector of unit displacements for degrees of freedom in the x-direction. 
Since all displacements are assumed to be in the x-direction, the vector is simply, 
  }1,,1,1{1 Tx                                                    (10.19) 
 
containing Nrb×Nb elements. 
The base shear is found as the resultant of the equivalent static forces, 
      1
T
x
1
1
max1
,
T
x,11
][}{1}{1 AmS
M
f
FFV ax
x
xS
ji
jixSb
 .             (10.20) 
 
Since [m] is symmetric, then by Eqn. (38) of [122], 
 
    1x11
T
x }{1][][}{1 x
T
fmAAm  .                                (10.21) 
 
Hence, 
ax
x
b S
M
f
V
1
2
1
1  .                                                   (10.22) 
By combining Eqn. (10.15) and Eqn. (10.22), the vector of static equivalent forces in the x-
direction is obtained as,  
     1
1
1
max1
][
b
x
xS
V
f
Am
F                                              (10.23) 
The terms in Eqn. (10.23) are evaluated separately: 
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By substituting Eqns. (10.24, 10.25) into eqn. (10.23), the equivalent static force at location (yi, 
zj) is founds as, 
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or, in terms of weights, 
    1
,
,
,
,max1
))1((
))1((
b
ji
ik
jji
ik
jji
jixS
V
l
y
zW
l
y
zW
F
 




                                  (10.27) 
where 
jiji MgW ,,                                                      (10.28) 
and g = 9.81m/s
2
 is the gravity acceleration. If the rack is fully loaded with the same goods, 
Eqn. (10.27) simplifies to, 
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.                                    (10.29) 
The base shear (Vb1) is to be determined by a national standard such as AS1170.4 [80] or 
NZS1170.5 [62]. The base shear is defined, in part, in terms of the spectral shape factor (Ch) 
which in turn depends on the period of vibration. The modes of vibration and corresponding 
periods may be determined by a structural vibration analysis. Alternatively, the first period of 
vibration (T1) may be determined approximately using the Rayleigh method, e.g. see [119, 123] 
for details. For a lumped mass system, the Rayleigh method takes the form, 
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,
2
,
1 2                                              (10.30) 
 
where ∆i,j is the displacement at location (yi, zj) produced by applying the force ([{FS1}x]max)i,j at 
location (yi, zj), as obtained from a static linear structural analysis. The force (([{FS1}x]max)i,j) may 
be calculated using Eqn. (10.27) or, if the rack is fully loaded with the same goods, by 
Eqn. (10.29). 
 
10.4 Design of DIR using the modal response method  
In this section, the design method is set out when the modal response method is adopted for 
determining equivalent static forces, and the strength reduction factor (Rμ) is obtained from full-
scale tests in conjunction with this design method. As in Section 10.3, the method is outlined by 
making reference to [122]. 
The modal response method assumes a structural vibration analysis is available for determining 
the modes of vibration ({Ai}, i =1,2,3…) and corresponding periods of vibration (Ti). Typically, a 
relatively small number of modes, say 3-5, are included in the calculation of equivalent static 
forces, sufficient to engage, typically, 90% of the masses considering the direction of seismic 
excitation. For the cross-aisle direction, it was evidenced from the natural frequency analysis the 
rack carries more than 95% of the seismic mass in the first mode of vibration, whereas for the 
down-aisle direction the first five modes of vibration are required to achieve the same mass 
participation ratio. The method is particularly useful for irregular structures displaying 
pronounced 3D behaviour.  
In addition to providing the modes and periods of vibration, it is assumed that the structural 
vibration analysis stores the mass matrix ([m]) and constructs vectors {1x} and {1y} such that 
each element of these vectors is unity when the degree of freedom is in the x- and y-directions, 
respectively, and otherwise zero.  
As per Eqns (68, 69) of [122], the static equivalent force vectors for seismic action in the x- and 
y-directions for a given mode of vibration ({Ai}) is determined as, 
    iaxi
i
xi
xSi
AmS
M
f
F ][
max
     (10.31) 
    iayi
i
yi
ySi
AmS
M
f
F ][
max
     (10.32) 
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where 
   x
T
ixi mAf 1][      (10.33) 
   y
T
iyi mAf 1][      (10.34) 
   i
T
ii AmAM ][      (10.35) 
axiS spectral acceleration in the x-direction for mode i          (10.36) 
ayiS spectral acceleration in the y-direction for mode i          (10.37) 
A structural vibration analysis is performed to determine the first n modes and periods of 
vibration, where n is sufficient to ensure that, say, 90% of masses are engaged in the modes of 
vibration. A particular direction of the rack is considered, say the down-aisle direction. For each 
period (Ti, i=1,2,…n), the spectral acceleration (ai = C(Ti)) is read off the spectral acceleration 
curve, as schematically demonstrated in Figure 10.6. 
 
 
Figure 10.6: Response spectrum curve showing the spectral accelerations at the different periods 
for the primary modes of vibration.  
The base shear for each mode of vibration can then be determined from the Standard, e.g. 
according to AS1170.4 and NZS1170.5, the design base shear for the ith mode is determined as, 
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According to the terminology used in the Australian standard AS1170.4, the factor (/Sp) 
corresponds to the product of the factors R and Rs.  
Each base shear and mode of vibration give rise to internal actions, which can be calculated from 
a 1
st
 order structural analysis by applying a set of equivalent static forces given by Eqns. (10.31, 
10.32) for the x- and y-directions respectively. According to AS1170.4 and NZS1170.5, the 
internal forces thus determined can be combined using a recognised method, e.g. the SRSS or 
CQC methods. Adopting the SRSS method for combining internal actions, the resultant internal 
action in a given member can be expressed as,  
 
  pp npp AAAA
/1
max,2max,1max,max       (10.39) 
 
where Amax can be the axial force (N), shear force (S) or bending moment (M), and the value of 
the exponent p depends on whether the frequency (1/Ti) of a particular mode is within 15% of the 
frequencies of other modes, or not. In the former case, p equals one whereas in the latter case p 
equals two.  
Consistent with the fact that in design, the strength of each member is checked by comparing the 
resultant internal action with the design capacity and assuming that the design action (Amax,i) is 
proportional to the base shear Vb,i, it follows from Eqn. (10.39) that the design value of base 
shear shall be determined from, 
 
  ppdnbpdbpdbdb VVVV
/1
,2,1,,                                          (10.40) 
 
So based on the procedure outlined above, the design of drive-in racks using the response 
spectrum analysis design method can be summarized in the following steps: 
1. A structural vibration analysis is run to determine the first, say, 10 modes and periods of 
vibration. A suitably small number of modes (n) is selected such that at least 90% of the 
masses are engaged in the modes of vibration for a given direction of excitation. 
 
2. For each mode, the elastic site hazard spectrum (C(Ti)) is obtained from the Standard 
(AS1170.4 or NZS1170.5) using the corresponding period (Ti). Subsequently, the design 
action coefficient is obtained from, 
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
pi
id
STC
TC
)(
)(                                                      (10.41) 
where Sp is taken as in the inverse of the Rs value determined from the full scale tests 
(Chapter 9), and μ is taken as the R value determined from full-scale tests. If NZS1170.5 
is used for design, μ is replaced by kμ in Eqn. (10.41), where kμ is a function of μ, as 
specified in NZS1170.5. 
3. For excitation in the x-direction, the equivalent force vector for the ith mode {Ai}, 
i=1,2,…,n, is determined using,  
    iid
i
xi
xSi
AmTC
M
f
F ])[(
max
                                          (10.42) 
where [m] is the mass matrix and fxi is given by Eqn. (10.33). Similarly, for excitation in 
the y-direction, the equivalent force vector for the ith mode {Ai}, i=1,2,…,n, is determined 
using, 
    iid
i
yi
ySi
AmTC
M
f
F ])[(
max
                                          (10.43) 
where fyi is given by Eqn. (10.34). 
4. The n equivalent force vectors can be combined to a single resultant force vector,  
    ppSxnpSxpSxSx FFFF /121                                         (10.44) 
    ppSynpSypSySy FFFF
/1
21                                         (10.45) 
where Eqns. (10.44 and 10.45) are abbreviated forms of stating that the ith element of 
{FS}max shall be calculated as the linear (p=1) or square (p=2) sum of the ith elements of 
{FS1}max, {FS2}max,…,{FSn}max. For a typical size drive-in rack and when fully loaded as 
the one studied herein, the first fundamental mode was found to carry more than 95% of 
the loaded mass. In this case, determining the exponent parameter p as equal to 1 or 2 will 
reveal relatively the same value for Fsy. However, if the drive-in block has more than 5 
lanes, or asymmetrically loaded then the higher modes of vibration might influence the 
overall response of the rack. In this case, it is up to design engineers to assess whether 
using liner or square sum combination method for determining the resultant design actions 
to be used in design.  
5. The resultant force vector is applied to the rack and the internal actions are calculated 
using a 1
st
 order elastic analysis, or a 2
nd
 order elastic analysis if the design is to 
AS1170.4. If a 1
st
 order analysis is used, the moments are amplified to account for P-delta 
effects, e.g. as per Clause 6.5 of NZS1170.5 or Clause 6.7.3 of AS1170.4. The strength of 
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each member of the rack is checked using an appropriate design standard such as 
FEM10.2.07 [27]. 
 
10.5 Design of DIR using the transient dynamic time history analysis method  
In this section, the design procedure is set out for when the numerical transient dynamic analysis 
method is adopted to design drive-in racks. In this method, a dynamic analysis of the structure by 
the time history analysis method which involves calculating the response of the structure at each 
increment of time when the base of the structure is subject to a specific ground motion time 
history. It is not very common in practice to use time-history analysis for the design of structures 
in general and storage racks in particular. However, in order to provide guidance to the reader 
and practicing engineers on how to implement the method it has been reported in detail in the 
following sections. 
 
10.5.1 Application of the ground motions in the time history analysis: 
The ground motion time history chosen for a specific site, as specified in AS1170.4 and 
NZS1170.5, shall be representative of actual earthquake motions. It also requires that the 
structure shall be subjected to a family of not less than three ground motion records, each of 
which to be scaled to match the design level earthquake for the limit state and location of the 
structure. The scaling of the earthquake time histories shall be in accordance with the procedures 
in NZS1170.5 as follows (and discussed in Chapter 6), 
 
(a) Each component of the ground motion record is to be scaled by the record scale factor, k1, 
and the family scale factor, k2, applied in the time domain (i.e. with the record ordinate 
being multiplied by the product k1k2; the values of k1 and k2 being as determined by 
Clause 5.5.2. 
where  
 
k1 = the record scale factor for the principal component of the record at period T1 
 
k2 = the family scale factor 
 
T1 = the largest translational period of the structure in the direction of application of the 
principal component of the ground motion record. 
(b) The principal and secondary components, scaled as indicated above, will generally be 
applied together and at orthogonal directions one to the other. The direction of application 
of the principal component of the ground motion record is to be such as to produce the 
most adverse response of the parameter under consideration. 
Chapter 10 – Seismic design 
 
305 
 
 
10.5.2 Transient dynamic analysis time step: 
According the procedure described in NZS1170.5, the size of the time step (Δt) used in numerical 
integration using time history analysis methods shall comply with the following: 
 
(a) Δt shall not be greater than the step at which the records are digitized. 
 
(b) Δt shall be less than or equal to – 
 
(i)  T1/100 
(ii)  Tn and 
(iii)  0.01 s 
 
where: 
 
T1 = is the largest translational period of the first mode (judged by largest mass 
contribution) in the direction of principal component of the earthquake. 
 
Tn = is the period of the highest mode in the same direction required to achieve the 90% 
mass as described in the modal response spectrum method. 
 
(c) Δt should be sufficiently small to ensure convergence to an accurate solution. 
 
 
10.5.3 Structural modelling: 
The numerical model of the structure when using time history analysis shall represent the spatial 
(3D) distribution of the mass and stiffness of the structure to the extent that is accurate for the 
calculation of its dynamic properties. The analysis model and basic assumptions for the 
calculations shall reflect the structural behaviour at the relevant limit state with appropriate 
accuracy and reflect the anticipated type of behaviour of the cross-sections, members, joints and 
bearings. Features such as lack of member continuity, connection behaviour etc. shall be 
modelled. The method used for the analysis shall be consistent with the design assumptions.  
The numerical analysis shall take into account the global and local second order effects, global 
frame imperfections, and local member imperfections. The nonlinear behaviour of the critical 
joints such as the portal beam to upright connection and the base plate assembly to floor 
connections shall be considered in the 3D global analysis models. Ideally, the analysis results 
from the calculation mode shall be checked against benchmark experimental results, such as the 
shake table test results presented in Chapter 8.  
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10.5.4 Direction of application of the seismic loads: 
According to NZS1170.5 [62], at least two analyses of the structure shall be carried out for each 
earthquake. In the first of these, the principal component of the earthquake, (scaled by k1k2) must 
be directed along the direction of translation of the first translational mode together with the 
secondary component of the same record also scaled by k1k2. In the second analysis the direction 
of the principal component of the earthquake is to be applied in a direction orthogonal to the first 
analysis. Both the principal component and the scaling factors will usually be different for each 
analysis because T1 is different for the two directions. 
 
10.6 Worked example for the design of DIR racks using the proposed Equivalent 
Lateral Method as per Section 10.3 
This section discusses with a worked example the design of drive-in racks in the cross-aisle 
direction using the proposed equivalent lateral static load method. 
 
10.6.1 Geometric properties 
 The same rack used for system 2 the shake table tests will be used for this design example, i.e. a 
3 bays wide by 3 pallets deep by 3 pallets high drive-in rack is considered. The rack is fully 
loaded with 27 blocks weighing 1.87tons each. 
 
10.6.2 Design criteria and standards used in design 
The analysis and design of the drive-in rack components are done in accordance with: 
 AS1170.4 (2007) [80] 
 NZS1170.5 (2004) [62] 
 FEM10.2.07 (2012) [27] 
 AS4084 (2012) [56] 
 Shaheen [33, 124] 
 
10.6.3 Determination of the mode shape factor “k” in Eqn. (10.1) 
As discussed in Section 10.3, the equivalent static force method implicitly assumes the vertical 
variation of the first mode of vibration takes the shape described by Eqn. (10.1), that is
kk zzd max/ , where z is the vertical coordinate and the exponent k depends on the period of the 
structure in AS1170.4 [80], whereas k equals unity in NZS1170.5. 
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From the modal analysis of the system 1 and system 2 drive-in racks tested, two different lateral 
displacement patterns were found as shown in Figure 10.7. Since the rack was fully loaded with 
identical masses on all pallets in all bays, and the cross-aisle frames at all grids were identical, the 
lateral displacements in the cross-aisle direction (d1 and d2 in Figure 10.3) are essentially 
identical. As a result, the parameter  in Eqn. (10.9) tends to zero, which simplifies Eqn. (10.8) 
back to Eqn. (10.1). 
To best match the displacement profile for system 1 and system 2, the k factor used in Eqn. (10.1) 
for calculating the first mode shape was found as k=0.25 and k=0 respectively. The normalized 
mode shape for system 1 (with k=0.25) and for system 2 (with k=0) are shown in Figure 10.7. 
The two curves determined using Eqn. (10.1) are found to be in a very good agreement with the 
modal analysis results using the FE models for the predicting the lateral displacement at the pallet 
runners levels (i.e. at the locations where the masses are lumped). The disagreement between the 
modal analysis results and predicted modal displacement using Eqn. (10.1) below the first mass 
level is irrelevant and has no significance as there are no masses and hence no associated 
equivalent static forces. 
 
10.6.4 Determination of the fundamental period T1 
The period of vibration corresponding to the first mode of vibration may be determined by a 
structural vibration analysis, or can be calculated approximately using the Rayleigh method as by 
Eqn. (10.30). As discussed above, for system 2 the factor k=0.  In addition, for the fully loaded 
case with identical masses on all pallets and all bays, with the cross-aisle frames on all grids 
being identical, the factor =0. This implies that the lateral force distribution along the rack 
height is uniform as indicated by Eqn. (10.29) and demonstrated in Figure 10.8. Since all masses 
are identical, the lateral loads on each block are identical. The lateral load “F” is applied based on 
the tributary area on the four grid lines as shown in Figure 10.9, such that the load on the external 
grid lines is half the load applied on the internal grid lines.  
Say F = 1kN and is applied on the rack as shown in Figure 10.8 (vertically) and Figure 10.9 
(laterally). An FE model was used to calculate the lateral displacement at the pallet runner levels. 
The lateral displacement calculated for levels 1, 2 and 3 were 6.6mm, 7.8mm and 7.7mm 
respectively. 
 
∑𝑀𝑖𝑗 .∆𝑖𝑗
2 = 1870𝑘𝑔 ×  1491𝑚𝑚2 
∑𝐹𝑖𝑗 .∆𝑖𝑗= 1000𝑁 × 133.4𝑚𝑚 
T1 = 2𝜋√
1870 ×1491
1000 ×133.4
 = 0.908 sec. 
Chapter 10 – Seismic design 
 
308 
 
  
 
Figure 10.7: Modal displacement of drive-in racks using Eqn. (10.1) and the k factor for system 1 
and 2 drive-in racks in the cross-aisle direction, and comparison with mode shape obtained from 
frequency analysis. 
 
  
Figure 10.8: Lateral load distribution for calculating the fundamental period using the Rayleigh 
method 
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Figure 10.9: Spatial distribution of the lateral force in the down-aisle direction 
 
As shown, the period of vibration determined using the equivalent static method and the 
procedures described in the above sections is in excellent agreement with the periods obtained 
from the shake table tests and the FEA results. 
 
10.6.5 Calculation of the design base shear Vd 
For T1 = 0.91sec, C(T1) = 6865mm/sec
2
, where C(T1) is the acceleration spectrum ordinate of the 
code target elastic spectrum at 100%. The C(T1) value is determined using Eqn. (6.2) with the 
parameters Ru and Z as defined in Section 6.5.2.1 of Chapter 6, and the near fault factor was set to 
1.0 
However, from the shake table test results (which have been replicated by the analytical methods) 
the rack reached its ultimate capacity at 60% of the Tabas earthquake. Therefore, the elastic 
spectral acceleration of the rack used is reduced to 0.6x6865=4119mmm/sec
2
. 
Therefore,  
Ve = (1.87 × 27 + 1.0) × 1000kg × 4119mm/sec
2
 ÷ 10
6
 = 212kN 
 
As determined in Chapter 9, the force reduction factor components R and Rs were evaluated 
using shake table tests and by using analytical methods including time history and push-over 
analysis. The values determined using the different methods are summarized in Table 10.1. For 
determining the design (reduced) base shear Vd, the average values for the R and Rs will be used. 
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Table 10.1: Summary of the of R and Rs values using different methods 
Method R Rs 
Shake Table 2.23 1.29 
Time history using Duze EQ 2.18 1.26 
Time history using ElCentro EQ 2.17 1.26 
Time history using Tabas EQ 2.20 1.26 
Push Over 2.18 1.21 
Average 2.20 1.26 
 
 
Following the AS1170.4 [80] terminologies for the force reduction factors, 
 = R, and Sp = 1 ÷ Rs 
Therefore, 
p
e
d
S
V
V
/
 = 212kN ÷ (2.2 × 1.26) = 76.5kN. 
However, since this design example compares the design capacity of the rack with that observed 
during the tests, the base shear was further reduced by the R factor to cater for the increased 
damping and the associated reduction in the base shear. In this case, Vd = 66.5kN. 
A check on the suitability of the proposed design method is to apply equivalent static forces as 
per Eqn. (10.29), since all masses are identical and the rack is fully loaded, and to calculate the 
internal actions using a 1
st
 order analysis (or use a 2
nd
 order elastic analysis if the design is to 
AS1170.4 [80]), amplify moments for P-delta effects (e.g. as per Clause 6.5 of NZS1170.5 [62] if  
a first order analysis is used), and then compare the ultimate limit state actions thus determined 
with the static design strengths determined using a design Standard such as FEM10.2.07 [27]. 
The ultimate limit state actions should be relatively close to the design strengths, say within 20%, 
and should not exceed the design strengths. 
 
10.6.6 Calculation of frame imperfections for the design of drive-in racks. 
Two types of imperfections were considered in the design of drive-in racks as per FEM10.2.07 
[27]. The first type of imperfection is the global frame imperfection. This type of imperfection is 
taken into consideration to account for construction tolerances which cause out-of-plumb of the 
uprights as shown in Figure 10.10. The FEM10.2.07 [27] specification allows for the frame 
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imperfection to be accounted by using a closed system of equivalent horizontal forces. These 
equivalent horizontal forces as noted in FEM10.2.07 [27] and AS4084 [56] shall be applied at 
each level and shall be proportioned to the factored vertical loads applied to the structure at that 
level as shown in Figure 10.10. 
 
 
Figure 10.10: Global frame imperfection of drive-in racks as per FEM10.2.07 [27] 
 
The lateral equivalent forces for an unbraced system (as for system 2) as a result of the global 
frame imperfections are calculated as a function of the overall sway angle Φ as:  
 
Φ = Φs + Φl             (10.46) 
The maximum specified installation out-of-plumb “Φs” as per FEM10.2.07 [27] annex C is taken 
as 1/500.  Eqn. (10.46) stipulates that the connection looseness “Φl” needs to be considered in the 
calculation of the out of plumb angle “Φs”. As an alternative, both FEM10.2.07 and AS4084 
permit “Φl” to bet set to zero in Eqn. (10.46) if the connection looseness is taken into 
consideration in specifying the connection mechanical properties used in the global analysis 
model. The connection properties used for the portal beams and base plate assembly in the down-
aisle direction were based on the properties determined from cyclic tests as reported in [18], with 
the looseness of the portal beam connections being considered in the analysis model. Therefore, 
this case the total sway angle is to be taken as Φ = Φs. 
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10.6.6 FE analysis results and internal actions. 
To determine the internal actions (axial forces, bending moments and shear forces) in a structure 
using FE numerical analysis models, the different standards allow the calculation of the frame 
design actions to be obtained using different global analysis methods (GAMT) depending on the 
type of structure and loads applied. The different analysis types as described in AS4084 are linear 
analysis (LA) in which design actions may or may not be increased by amplification factors, 
linear buckling analysis (LBA) which is required for calculating the elastic critical buckling load 
used in the calculation of moment amplification factors, geometric non-liner analysis (GNA) 
which takes into account second order effects in the global analysis, and geometric and material 
non-linear analysis (GMNIA) which takes into account second order effects in conjunction with 
material nonlinear behaviour in the analysis model. The requirements for each method of analysis 
in are described in detail in Shaheen [33]. 
 
For the design of the rack using the equivalent linear static load method, the GNA analysis 
method as described in AS4084 and FEM10.2.07 was chosen for determining the design actions 
in the uprights. Different loads cases were considered in the analysis model. These included: 
 Load case 1: Pallet vertical loads 
 Load case 2: Global frame imperfection 
 Load case 3: Equivalent lateral static load (seismic load). 
 
As per the requirements of FEM10.2.07, the pallet vertical loads plus the equivalent lateral load 
for the global frame imperfection (i.e. load case1 and load case 2) must be considered together in 
the same load case, which is denoted as “Gravity” load case. Whereas, the equivalent lateral load 
for seismic is denoted as the “EQ” load case. 
An example for the internal design actions in upright U10 based on the GNA analysis type for the 
drive-in rack are shown in Figure 10.11 to Figure 10.13 (inclusive) for the gravity load case, and 
in Figure 10.14 to Figure 10.16 (inclusive) for the EQ load case. Both load cases were combined 
to obtain the resultant internal action for the design calculations. The sign conventions for the 
different internal actions are demonstrated in Table 10.2. 
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Table 10.2: Sign convention for the positive acting internal actions  
Axial load 
 
Major axis bending 
 
Minor axis bending 
 
 
 
 
Figure 10.11: Axial load diagram for the “Gravity” load case – U10 
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Figure 10.12 Major axis bending diagram for the “Gravity” load case – U10 
 
 
Figure 10.13 Minor axis bending diagram for the “Gravity” load case – U10 
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Figure 10.14: Axial load diagram for the “EQ” load case – U10 
 
 
Figure 10.15 Major axis bending diagram for the “EQ” load case – U10 
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Figure 10.16 Minor axis bending diagram for the “EQ” load case – U10 
 
10.6.7 Design verification. 
In the literature the only document available for the design of drive-in and drive-through racks at 
the time of writing this thesis is the European racking federation design specifications 
FEM10.2.07 (2012) [27]. In this specification, different design methods are listed with different 
design verifications. More details about the analysis and design procedures for the different 
design methods in the FEM10.2.07 [27] can be found in Shaheen [33, 124]. However, Method 2 
in the FEM10.2.07 [27] specification has been chosen for the design verification as will be 
discussed below. 
The member and section capacities for the design verification were calculated in accordance with 
AS/NZ S4600 [100] and AS4084 [56]. For carrying out the design verification checks, a design 
program written as part of a previous study [33]  has been used since the programme was written 
for the same drive-in members and profiles. For more details about the programme set-up the 
reader is referred to Shaheen [33]. Two groups of uprights were chosen for verification. The first 
group included uprights U10 and U11. In this group the uprights carried the maximum vertical 
load plus the maximum minor axis bending due to seismic loading, whereas the major axis 
bending due to the pallet vertical loads was negligible. The second group consisted of uprights 
U14 and U15. In this group, the uprights carried less vertical load (being on the perimeter as 
compared to the internal uprights in group 1), but highest minor axis bending due to seismic 
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loading, in addition to the highest major axis bending moment due to the pallet vertical eccentric 
loads. The layout of the uprights chosen for the verification is shown in Figure 10.17. 
 
 
Figure 10.17: Layout of the uprights chosen for the verification checks 
 
Figure 10.18 shows a plot for the stress utilization ratios for the four uprights U10, U11, U14, 
and U15. Also, the maximum utilization ratios of the four uprights are listed in Table 10.3. As 
shown, the most critical sections (i.e. maximum utilization ratios) are found near the first pallet 
runner, at which the minor axis bending moments due to the seismic loads were at a maximum. 
The stress concentration at the first pallet runner location is consistent and in full agreement with 
the location where the tested rack experienced most of the damage and the development of the 
plastic hinges. As shown, the uprights in the first group (U10 and U11) were the most critically 
loaded uprights with stress ratios of 0.95 and 1.04 respectively. Also, it can be seen that the 
external uprights in group 2 (U14 and U15) despite carrying less axial loads yet they had high 
stress ratios of 0.93 and 0.86 respectively. This was mainly due to the high major axis bending 
component they were subjected to which increased the level of stresses. Furthermore, as shown in 
Table 10.3, almost all uprights either reached or were very close to reach their ultimate capacity 
at their critical cross-sections. This demonstrates that the proposed equivalent static method can 
be used to design drive-in racks with a reasonable accuracy for seismic loading in the cross-aisle 
direction. 
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Table 10.3: Stress utilization ratios for the critical uprights. 
Upright U10 U11 U14 U15 
Stress ratio 0.95 1.04 0.93 0.86 
 
 
 
Figure 10.18: Stress utilization ratio on the critical uprights
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CHAPTER 11 
 
SUMMARY AND CONCLUDING REMARKS 
 
11.1 Summary 
Recent earthquakes in New Zealand caused many storage racks to collapse which highlighted the 
need for robust earthquake design guidelines for steel storage racks. Before this project, research 
on the seismic behaviour of steel storage racks has concentrated on selective racking systems 
only. No experimental, analytical or numerical studies were currently available on the seismic on 
the cross-aisle behaviour of drive-in racks. This has left designers with no guidelines to consult 
for designing these systems when subjected to earthquakes. Therefore, the main objective of this 
research was to provide solutions to this urgent problem. 
In this thesis, the seismic behaviour of drive-in steel storage racks in the cross-aisle direction has 
been studied through full-scale shake table tests on drive-in rack assemblies. In addition, the 
behaviour of the drive-in racks was studied numerically using nonlinear transient time history 
analysis, and by nonlinear static push-over analysis methods. Moreover, practical seismic design 
methodologies have been developed which can be implemented into a design standard, and easily 
used and adopted by design engineers. 
To achieve the research objectives and goals, several tasks were completed. The project started 
with the design and construction of a shake table (test rig) for conducting earthquake experiments 
on full scale subassemblies of drive-in racks. The test set-up included different types of 
instrumentations for measuring strains, lateral displacements, accelerations and acceleration-
induced inertia forces, base shear, and base plate uplift.  Upon completing the construction of the 
shake table, several non-destructive earthquake tests were carried out to examine the adequacy of 
the test rig built in terms of strength, and to determine the friction losses. Several earthquake tests 
using different earthquake records were selected to examine the accuracy of the hydraulic 
actuator connected to the test rig. The main objective from those tests was to ensure that the test 
rig could be used to generate earthquake waveforms that are accurate and as close as possible to 
the same signals measured in the field. Extensive calibration tests were carried out on the test rig 
and the hydraulic actuator to demonstrate that the test rig achieved the desired accuracy in 
replicating actual earthquake waveforms.  
A comprehensive study was undertaken for determining the appropriate earthquake signals to be 
used in the shake table tests. The study also included scaling the earthquake signals chosen to 
match with the code design spectrum.  
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Non-destructive earthquake tests were conducted for determining the dynamic properties of the 
tested racks. These included the natural frequency, fundamental period, and damping. Also, 
destructive earthquake tests were carried out on drive-in rack systems in order to examine their 
behaviour in the cross-aisle direction. The test results provided an understanding of the 3D 
behaviour of the cross-aisle frames, defects in the systems used, and areas of improvements. 
Also, from the destructive tests, the ductility of drive-in racks in the cross-aisle direction was 
determined. Two different systems were studied in the cross-aisle direction. The first system was 
made of fully braced frames with bracing diagonals spread from top to bottom across the entire 
height of the rack. The second system was made of portal frames that are diagonally braced with 
bracing members starting from the top of the rack down to the first pallet runner level, and not 
extending to the base. 
State-of-the-art 3D finite element numerical models were created for studying the nonlinear 
behaviour of drive-in racks under seismic loads. The models took into account the characteristics 
of key joints such as the portal beam to upright connections, and upright to floor connections. 
The connection properties used were based on experimental test results of a full scale drive-in 
rack. In addition, the models were constructed such that they were able to detect the pallet sliding 
on the pallet runners during seismic excitations, in addition to detecting the base plate uplift. In 
the FE model, the looseness of the upright frame bracing connectors with the uprights were taken 
into account using a slip model to detected the sliding between the bolts and bolt holes in the 
bracing connection with the uprights under seismic loads. Furthermore, the effect of the 
perforations in the uprights and portal beams was taken into account in the FE models which was 
based on extensive calibration procedures. The calibration study identified very accurate 
equivalent sections for modelling the uprights and portal beams. As a result, all racking members 
in the FE models were modelled using their nominal cross-section properties (except when 
modified to take into account the effect of perforations), the measured stiffness for the steel 
material was used for all members, no reduction in the cross-section area of the diagonal braces, 
or plan braces. The model was found to reproduce the shake table test results with great accuracy 
which the other FE models in the previous studies could not achieve without modifying the cross-
sections and material properties. The FE models developed herein were used to carry out 
parametric studies on drive-in racks using several earthquake records, and several structural 
systems. 
Based on the shake table test results and the nonlinear time history dynamic analyses, a “static” 
type design approach using the equivalent static force concept was developed for the design of 
drive-in racks in the cross-aisle direction. For the systems studied, design equations were 
developed to determine the fundamental modes of vibration for the two systems. In addition, the 
strength reduction factors for seismic design were determined both experimentally and 
numerically using the shake table tests and FE models respectively.  
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11.2 Conclusions 
Different sets of shake table tests were performed on drive-in racks in their cross-aisle direction 
using two distinct structural systems, named as system 1 and system 2 for the fully braced and 
partially-braced portal frames respectively. Non-seismic tests were carried-out to determine the 
dynamic properties of the rack including the natural frequency of vibration and damping. 
Subsequently a set of non-destructive seismic tests were performed on the two systems to gain an 
understanding of the elastic behaviour of the rack and the corresponding lateral force distribution 
within the elastic range of the material. Lastly, severe (named as destructive) seismic tests were 
completed on the two racking systems to determine their ultimate load carrying capacity, and to 
determine the ductility factors which are needed for design purposes. 
Based on the study undertaken on the two cross-aisle frame systems, the following can be 
concluded:  
 The fully braced system 1 drive-in rack is a very stiff structure with a natural frequency in 
the elastic range of about 2.44Hz. Whereas, the system 2 cross-aisle frames behaved more 
like a series of portal frames, with a natural frequency of about 1.1Hz. 
 
 The system 1 cross-aisle frames tend to have a non-uniform load distribution among the 
different uprights especially the external frames when compared to the internal frames. 
Whereas, the system 2 cross-aisle frames behaved similarly across the entire rack with a 
uniform load distribution among all uprights. 
 
 The uprights of the system 1 drive-in rack experienced severe local damage at their 
critical cross sections (i.e. at their connection with the bottom diagonal brace). The failure 
of the uprights was considered a brittle type of failure with little signs of plastic 
deformation before the uprights were torn out. This type of failure is undesirable 
especially for seismic load applications. On the other hand, with system 2 all uprights 
experienced a very ductile type of failure with obvious signs of yielding and warnings of 
stiffness and strength degradation before the structure reached its ultimate capacity and 
being on the verge of collapse. 
 
 With system 1, the tearing out of the diagonal braces from the uprights causes the 
connections between the uprights and diagonal braces to be lost. Whereas, with system 2, 
all connections between uprights and frame braces were intact with all uprights 
experiencing similar levels of ductile deformations. 
 
 System 1 attracted more load on the structure with a maximum earthquake-induced base 
shear of about 200kN, whereas system 2 was able to release most of the earthquake 
energy thanks to its ductility and as a result the maximum base on the rack was in the 
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order of 90kN. This is less than half the base shear applied on the system 1 drive-in rack 
structure. 
 
 However, the lateral sway of the system 2 drive-in rack in the cross-aisle direction was 
larger than the sway recorded for the system 1 rack. Therefore, when racks are closely 
spaced, system 1 may be a more attractive solution in order to prevent pounding between 
adjacent racks. 
 
 The components of the force reduction factor “R” for drive-in racks in the cross-aisle 
direction were determined for 1 and system 2. The R factor determined for system 1 and 
system 2 was 2.11 and 2.23 respectively, whereas, the Rs factor for the two systems were 
1.16 and 1.29 respectively.  
 
 
11.3 Recommendations for future studies 
In this thesis, drive-in steel storage racks were studied experimentally and numerical under the 
effect of seismic loads. However, other racking systems are found in the market which need to be 
studied such as those where the racks form the envelope of the building as in the case of cladding 
racks. In this case, the rack structure will not be only subject to seismic and pallet loads, but also 
will be subjected to wind loads and potentially snow loads. Research is needed for cladding racks 
subject to this combination of loads.  
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APPENDIX A 
 
STRUCTURAL DRAWINGS OF THE TEST RIG AS PER 
THE ORIGINAL DESIGN 
 
This appendix shows the structural drawings as per the original design of the test rig which was 
carried out by another PhD student (Tanim Ahmed). 
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APPENDIX B 
 
MODIFIED STRUCTURAL DRAWINGS FOR THE TEST 
RIG 
 
As part of the commission phase carried out by the author it was required to review the initial 
design (shown in Appendix A) in order to ensure that all details were sound and fit their purpose 
before construction. As a result of the design review task a few issues were found with the initial 
design that needed to be rectified. These modifications were mandatory in order to ensure a better 
and more accurate response during the tests, and also to facilitate and/or simplify the construction 
and assembly of the test rig. The final structural drawings are presented in this Appendix which 
include all design modifications made to the test rig and carried out by the author. In addition, the 
drawings include the modified design of the instrumentation frames carried out by the author. 
The revised drawings were drafted by Tanim Ahmed and reviewed and verified by the author 
before construction. 
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APPENDIX C 
 
ACCELERATION TIME HISTORIES 
 
This appendix shows the acceleration time histories for the earthquake records used in this 
research including the two horizontal components for each earthquake record. 
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KOCAELI_ARE090 
 
Acceleration time history horizontal components for Kocaeli earthquake 
Turkey, 8/17/1999 
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CCHURCH_CBGSN89W 
 
 
CCHURCH_CBGSS01W 
 
Acceleration time history horizontal components for Christchurch earthquake 
New Zealand, 2/21/2011, Christchurch Botanical Gardens 
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DUZCE_DZC180 
 
 
DUZCE_DZC270 
 
Acceleration time history horizontal components for Duzce earthquake 
Turkey, 11/12/1999, Duzce 
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IMPVALL.I_I-ELC180 
 
 
IMPVALL.I_I-ELC270 
 
 Acceleration time history horizontal components for Imperial Valley-02 
earthquake 
5/19/1940, El Centro Array #9 
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LOMAP_FRE000 
 
 
LOMAP_FRE090 
 
Acceleration time history horizontal components for Loma Prieta earthquake 
 10/18/1989, Fremont - Mission San Jose 
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LANDERS_LCN260 
 
 
LANDERS_LCN345 
 
Acceleration time history horizontal components for Landers earthquake 
6/28/1992, Lucerne 
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NEWZEAL_A-MAT083 
 
 
NEWZEAL_A-MAT353 
 
Acceleration time history horizontal components for New Zealand-02 
 3/2/1987, Matahina Dam 
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RSN143_TABAS_TAB-L1 
 
 
RSN143_TABAS_TAB-T1 
 
Acceleration time history horizontal components for Tabas earthquake 
 Iran, 9/16/1978, Tabas 
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KERN_TAF021  
 
  
KERN_TAF111  
 
Acceleration time history horizontal components for Kern County earthquake 
 7/21/1952, Taft Lincoln School  
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CHICHI_TCU051-E 
 
 
CHICHI_TCU051-N 
 
Acceleration time history horizontal components for Chi-Chi earthquake 
Taiwan, 9/20/1999, TCU051 
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